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1 Introduction

Developments in the design, fabrication and erection of steel structures together with
the introduction of new high performance materials have lead to significant changes in the design,
buildability and performance of steel structures and in particular their connections. Early steel
structures used riveted connections but following technological developments shop welded and site
bolted connections are now common place. The introduction of high strength steels has increased the
types and grades of bolt available to the designer. The range of bolts now includes ordinary strength
steels bolts such as grades 4.5, 4.6 and 5.6 and high strength steel bolts such as grades 8.8, 10.9 and
12.9. Developments in automatic fabrication have seen a move away from manually produced
drawings and setting out to sophisticated design software directly connected to numerically controlled
machines for laser cutting, punching and drilling. The quality of welding has also improved with the
introduction of continuous casting of steel and welding robots.

These changes and in particular the increase in the use of automated design and fabrication
have lead to an increase in quality and standardization in comparison with other structural materials.
Today steel connections are economical to fabricate and erect, have a high inherent level of safety and
can help the architect produce elegant and practical structures.

To take advantage of the wide range of steel products and technological developments that
exist within the different European countries, the European Union created a set of common design
standards for the design, fabrication and construction of steel structures. These standards are called
the Eurocodes and have been developed over many years to take advantages of the different
techniques available within the different member states. At the time of writing the Eurocodes are still
pre-standards [ENV 1992-1-1, 1992; ENV 1993-1-1, 1992; ENV 1999-2, 1999] but within one or two
years they will be converted to full Euro-norms that will eventually replace the existing National
codes [prNV 1992-1-1, 2003; prEN 1993-1-2, 2003; prEN 1993-1-8: 2003]. At the inception of the
Eurocode for steel structures (Eurocode 3) the importance of structural connections was recognized
and a specific standard for the design of steel connections was created. This standard is part of the
main steel Eurocode and is called prEN1993-1-8 - Design of Joints.

As part of the development of the early versions of Eurocode 3, background documents were
prepared summarizing best practice in the design and use of bolts and welds [see Snijder 6.01 and
6.05]. Furthermore, the design models for each of these components was validated against available
test data before being included in the European standard.

Traditional design methods for connections were based on a series of capacity checks and did
not include methods for calculating a connection's stiffness and rotational capacity. Over the last ten
years our understanding of connection behaviour has improved and methods are now available for
calculating the stiffness and rotational capacity of bolted and welded connections. prEN1993-1-8
takes advantage of these developments and includes a consistent approach for calculating the
stiffness, strength and rotational capacity of a limited range of bolted and welded connections. The
method given in prEN1993-1-8 is called the component approach and uses the behaviour of the
individual components within a connection (bolts, welds, end-plate, Column flange etc.) to build
arealistic picture of aconnection’s load-deformation characteristic. Using this information the
designer is able to predict the behaviour of simple, continuous and semi-continuous steel frames. The
component approach is based on Zoetemijer’s work [Zoetemijer 1983] on flush and extended end-
plate connections and has been extended to include joints with angle cleats [Jaspart, 1997], composite
connections [Anderson, 1998; Huber, 1999, 2001] and column bases [Wald, 1998]. In addition to
beam-to-column connections, prEN1993-1-8 also includes design methods for column bases with
end-plate connections, new rules for the interaction of moment and axial force at the connection, new
rules for calculating the bearing capacity of slotted holes, welded connections to rectangular tubes and
improved serviceability limits for pins.



Following the Northridge and Kobe earthquakes a number of research initiatives were created
to improve our understanding of the behaviour of steel connections subject to seismic events. One
such initiative is the Copernicus project "Reliability of moment resistant connections of steel building
frames in seismic areas" (RECOS). This project is still on-going and is continuing to contribute to our
knowledge of how steel frames behave under seismic loads.

Education has always been seen as an essential part of the introduction and dissemination of
new methods for the design of steel connections. One of the first educational packages on connections
was produced by Owens and Cheal [Owens, 1988] who prepared educational material for structural
connections. This material has been extended and is now incorporated into a European educational
package called the European Steel Design Educational Programme (ESDEP). This programme is used
today by educational establishments throughout Europe. Other educational packages which build on
the work of ESDEP are available some of which include WIVISS, a set of lectures on CD, SteelCall,
a virtual steel designers office, and SSEDTA which consists of a set of basic lectures on PowerPoint
for the design of steel and composite elements.

For more that twenty year the European Convention for Constructional Steelwork’s Technical
committee for structural connections (ECCS TC10) has supported the development and
implementation of a common set of design rules for steel connections. It is therefore not surprising to
find that one of this committee’s priorities is to facilitate the transition of prEN1993-1-8 from
a European pre-standard to a full Euro-norm. A part of this activity is the development of the
necessary educational material to encourage designers throughout Europe to adopt prEN1993-1-8.
Consequently, a programme called ‘Continuing Education in Structural Connections (CESTRUCO)
was formed under the European Commission’s Leonardo initiative to collect commonly asked
questions on the background, implementation and use of prEN1993-1-8 and to publish expert answers
to these questions. The CESTRUCTO project was developed from an idea by Mr. Marc Braham
(Astron, Luxembourg), Mr. Jan Stark (TU Delft, The Netherlands) and Mr. Jouko Kouhi
(VTT, Finland) to provide designers with more detailed information on the background and
implementation of the design methods given in prEN1993-1-8. Since the start of this project
364 questions have been collected from the countries within Europe.

The purpose of this publication is to document each of these questions together with their
answers. To facilitate easy of use this document is split into the following Chapters:

Chapter 1 - Introduction

Chapter 2 - Bolts

Chapter 3 - Welding

Chapter 4 - Structural Modelling
Chapter 5 - Simple Connections
Chapter 6 - Moment Connections
Chapter 7 - Column Bases

Chapter 8 - Seismic Design

Chapter 9 - Fire Design

Chapter 10 - Hollow Section Connections
Chapter 11 - Cold-Formed Connections
Chapter 12 - Aluminium Connections
Chapter 13 - Good and bad detailing

Each chapter starts with a brief over-view of the method use in prEN1993-1-8. This is
followed by the commonly asked questions together with their answers. In due course the
information contained within this document will be put on the Internet and will form part of an easily
accessible Internet course for the design, fabrication and erection of structural steelwork connections.
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2 BOLTS

Introduction

Connections are used to transfer the forces from one member to another. Although both
welded and bolted connections can be used in steel structures, bolted connections are commonly used
because of the ease of fabrication, buildability and ability to accommodate minor site adjustments.
The different types of bolted connections include cover plates, end plates and cleats and in each of
these connections the bolts are used to mechanically fasten the steel elements.

The performance of a bolted connection is complicated and both the stress distribution in the
connection and the forces in the bolts are dependent on the stiffness of the bolts, and the connecting
steel elements (end plates, cleats, etc.). Consequently, an exact theoretical analysis is not possible.

The design of a bolted connection is semi-empirical, namely based on past experience of good
performance, custom and practice, but always validated with a statistical evaluation of test results. An
example of a semi-empirical rule is given in Clause 3.6.1(5) of prEN1993-1-8: 2003 which states that
the shear resistance of M12 and M14 bolts should be calculated by multiplying the expression for
calculation the shear capacity by a factor 0,85 in cases where they are used in holes with 2 mm
clearance. When they are used in 1 mm clearance holes, this reduction with the 0,85 factor is not
necessary. For bolts M16 to M24, this reduction is also not necessary, when used in 2 mm clearance
holes. This also holds for bolts M27 and larger, when used in 3 mm clearance holes.

Basic characteristics of bolts

The bolt grades shown in Table 2.1 are commonly used in steel connections. All of these bolt
grades are generally used in connections subject to static forces and moments. For connections subject
to fatigue friction grip connections with high strength bolts such as grades 8.8 and 10.9 are to be used
because of their high fatigue strength and limited deformation characteristics. The basic mechanical
properties for 4.6, 5.6, 6.8, 8.8, and 10.9 grade bolts are shown in Table 2.1.

Table 2.1 Basic mechanical properties of structural bolts

Bolt grade 4.6 5.6 6.8 8.8 10.9
fop, MPa 240 300 480 640 900
fup, MPa 400 500 600 800 1000
Material and treatment low or medium carbon steel, medium carbon alloy steel,
fully or partially annealed quenched and tempered

The weakest section of any bolt is its threaded portion. The strength of the bolt is usually computed by
using the “tensile stress area“ (also called the “resistant area”) defined by the average diameter of the
core of the shank d, and the “average” diameter, d,,, as pictured in Figure 2.1.

— dﬂ +dm

2.1
res 2 ( )

Bolt sizes are defined in terms of their nominal diameter, length under the head and thread length.
Thread

Figure 2.1 Cross-section of the bolt and the resistant area [Ballio, Mazzolani, 1983]
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Bolt performance in the connection
The ultimate strength of bolted connections is evaluated assuming simplifications on the
redistribution of internal forces as suggested by experimental evidence. Considering the load transfer
across the joint, bolts may behave as either:
1) bearing-type bolts. This means that the plates joined are restricted from moving primarily
by the bolt shank;
2) pre-loaded friction-grip connection made with high-strength bolts. This means that the
plates are clamped together by the tension induced in the bolts by tightening them; or
3) bolts in tension.

7 7 3 -« —>
—> —>
1) 2) 3)
I 22 .
Wz \nzzzzizd —> Punching ~ Punching
Bearing = Shear Friction 2 P
3= Bearing < Wz, 722 gtg':’ ﬂ@
Bearing = Shear Friction ___ _.Tension:
% —>

Figure 2.2 Force components in the bearing bolts and pre-loaded bolts,
according to [Trahair et al, 2001]

Internal forces (shear, bearing, and tension) may be transferred by bearing bolts and by friction
between plates clamped together in the case of a preloaded friction grip joint. These forces are shown
in Figure 2.2 for bearing bolts and preloaded bolts, respectively. Furthermore, there are many types of
connections where bolts are exposed to combined shear and tension.

Bearing type bolts

Bolts predominantly loaded by static loads should be “snug-tight” (spanner-tight). The
tightness is attained by a person using an ordinary spanner. The clamping is sufficient to produce
a small friction force between the connected parts and is enough to transfer a small load with no slip.
Increasing the applied load overcomes this friction and permanent slip occurs due to clearance
between bolt and hole. The slipping stops when the shank of the bolt comes into contact with the
plate. When further load is applied, there is an elastic response until plastic deformation starts either
in the shank of the bolt or in the connected plate. The plastic deformation may start simultaneously in
the bolt and in the plate. The connection will eventually fail in one of following modes:

e Shear of the bolt

e Bearing failure

e Block tearing
The design values for shear resistance and bearing resistance are given in Table 3.4 and for the block
tearing the method is given in Clause 3.10.2 of prEN1993-1-8: 2003. The resistance for block tearing
is actually based on two possible failure mechanisms: either shear yielding combined with tension
rupture or shear rupture combined with tension yielding, according to [Aalberg, Larsen, 2000]. The
failure type depends on the dimensions of the connection and the relative strength of the bolt materials
and that of the connected parts.

Slip-resistant connections
In the case of reversible loads, high-strength bolts need to be tightened to, at least, 70% of

their ultimate tensile strength [Nair et al, 1974]. By using this method, the load is transferred across

11



the joint by friction between the connected parts rather than by shear of the fasteners [Kitipornchai et
al, 1994]. Three categories of bolted connections B, C and E. These are specified in Clause 3.4.1 of
prEN1993-1-8: 2003. Their resistance is a function of the slip factor (slip coefficient) of the faying
surfaces, u, and the clamping force, F),, provided by the high-strength bolts. Clause 3.5 of
prEN1993-1-8: 2003 gives a number of classes of friction surfaces where u varies from 0,2 to 0,5.
However, other surface conditions may be used provide the coefficient of friction is obtained by
testing. A hardened washer has to be used under the element which is rotated during the tightening for
8.8 bolts (under the bolt head or the nut whichever is to be rotated) and under both the bolt head and
the nut in the case of 10.9 bolts, see Clause 8.5(4) [ENV 1090-1].

Mot
Fp,C

2]

#lpe 7//////////%-

M
: Fp,C

Fp,C

w e ks

Figure 2.3 High-strength bolt in a friction type connection,
according to [Kuzmanovic, Willems, 1983]

The tensile force introduced into a high-strength bolt during installation may be controlled using one
of the following methods:
1) Torque control method using a torque wrench (based on controlling the applied torque)
2) Turn-of-the-nut method (a certain angle of rotation is applied beyond the “snug-tight”
condition which depends on a total thickness of all packs and washers)
3) Direct-tension indicator method
4) Combined method (combination of the first two methods)

Q&A 2.1 Loss of bolt pre-load

Recent tests in France have indicated that considerable reductions in bolt pre-load of between 25% to
45% can occur over a 2 to 3 month period when standard protective paint coatings are used. How is
this effect incorporated in the design of connection with pre-loaded bolts?

Standard protection paint coatings should not be used with slip-resistant connections as they
reduce the coefficient of friction between the contact surfaces. This, in turn, will significantly reduce
the capacity of the connection. However, special friction paints can be used.

Q&A 2.2 Bearing of slip resistant connections
Why are Category C slip resistant connections checked for bearing at the ultimate load, see Clause
3.4.1(4), when slip is not allowed in the connection at the ultimate limit state?

12



In this type of connection there is a possibility that some of the bolts may bear against the
connection plates as a result of the set-up during erection (i.e. the bolts are not in the centre of the bolt
holes but are in contact with the plate at the edge of the bolt hole). Therefore, to ensure complete
safety, the bolts are also checked for bearing failure at the ultimate load.

Q&A 2.3 Shear resistance of pre-loaded bolts carrying a tension force
According to Clause 3.9.2 the pre-loading force F), ¢ is not reduced by the whole tension force F;
applied externally when tension and shear for friction bolts are combined. What is the reason for this?

Preloading the bolt deform both the plates and the bolt. This behaviour may be simplified as
shown in Figure 2.4 [Fisher, Struik, 1987]. The elongation of the bolt ¢, is adequate to bolt preload F),
and the plate shortening &,. By applying an external tensile force F), the total bolt force will be F,
under an elongation of ., see [Kulak et al, 1974].

The external tensile force will be partially absorbed as new, additional forces in the bolt AF},
and partially absorbed by a reduction in the force that the joint originally exerted on the bolt AF;. The
increase of bolt force is AF), and the decrease of clamping force is AF, with the deformation of joint
Oy The dashed line shows the influence of plate bending flexibility under prying. By applying the
tensile force to the joint a part of the preloaded force remains, due to the deformation of the plates see
Figure 2.4. The stiffness ratio between the tensile bolt and the compression plates (of about / to 4)
results in a contact force remaining between the plates, at least equal to

F.=F —-08F, 2.2)

when the force F, is applied under the usual conditions. The validity of the 0,8 factor is based on an
assumed cylinder in compression with a fixed area, whereas finite element studies indicate a barrel of
compression such that the factor should be a function of the thickness, and possibly of the bolt grade,
steel grade and number of plies.

Ak
F
bolt external
preload A tensile force
F,
total bolt force —
F;
5p,ext
O Op
elongation of the bolt plate shortening
o b,ext

Figure 2.4 Diagram of internal forces in joint with preloaded bolt loaded by tensile forces, according
to [Bickford, 1995]

Q&A 2.4 Maximum bolt end and edge distances
What is the background to the maximum spacing p; and p, of 14t or 200 mm given in Table 3.3,
prEN1993-1-8?

13



The limits for p; and p; are given independent of the weather or other corrosive influences on
the joint. Appearance of the structural element local buckling and behaviour of a long joint have to be
taken into account. Local buckling resistance between the fasteners should be calculated according to
EN 1993-1-8, see requirements in Table 3.3 note 2. If the joint is made very long the strains in the
base material will lead to an uneven distribution of forces. This effect is taken into account by the
rules in 3.8 where the shear resistance may be reduced depend on the joint length.

Note that there are no maximum limits specified for the edge distances e; and e, for a joint not
exposed to corrosive influences.

€

D>

Figure 2.5 Symbols for spacing of fasteners

Q&A 2.5 Deformation criteria for bolt bearing resistance

Bearing design is more concerned with avoiding excessive hole deformations than with avoiding
actual failure of the connection. Comparison of the design formula for bearing with tests confirms this
point. Could you give the background to the deformation criteria that has been adopted in the
derivation of the formula?

The traditional background of most codes indicates the resistance Fly,. s is limited to a
deformation of 1,5 mm, see [Owens at al, 1999]. The resistance for the structural members obtained
from the tests to failure Fle,4/m 1S evaluated by reducing the resistance from structural material
strength f,,, to the characteristic yield strength f,, see [Bijlaard et al, 1989] and [Bijlaard et al, 1988].
The procedure is used in form Fey,fim = 0,9 Fexpue f, / fum if a brittle rupture occurs [Snijder et al,
1988a]. The conventional (elastic) limit of resistance Feyy.cony defines the resistance as the intersection
of a straight line with the initial stiffness and of a straight line having the slope equal to stiffness
divided by ten, which is drawn as a tangent to the non-linear part of the curve, see Figure 2.6, test
[Piraprez, 2000]. The conventional resistance depends more on the joint stiffness than on the failure
type. Annex D of prEN 1990: 2001 was used for cover plate tests with slotted holes to validate the
model of resistance, see [Wald et al, 2002b].

14
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Figure 2.6 Limits of the resistance of joint; deflection limit Fy,.; 5, ultimate limit F o1,
conventional limit Foy,.con,; reduced limit by steel yield ratio Fo,.4m [Piraprez, 2000]

Q&A 2.6 End and edge bolt distances
prEN 1993-1-8: 2003 does not contain edge/end distant rules when the edges and row of fasteners are
neither in the direction of the force nor perpendicular to the force, see Figure 2.7. How should these

distances be determined?
d()

i
/{%* T

(B Te b

.
RS2

Figure 2.7 End and edge bolt distances

The edge distances e; and e, and the distances between rows of fasteners p; and p, may be
determined using the semi-axis in the ellipse with the plate edge as tangent, and the semi-axis in the
ellipse with its centre in one hole and through the other hole, respectively. This is illustrated in
Figure 2.8.

Figure 2.8 Distances to the end and edge

15



Q&A 2.7 Bearing resistance of bolt group
Can the bearing resistance for individual bolts be added together or not? Some clarification is needed.
See Figure 2.9 and example below:

P €]
p1:3d0 €1:],2d()
v ROBNOS F
44— — - —- :ﬁ ***** T - —-—|—»
Holes 1 Holes 2
Figure 2.9 Non-symmetrical connection
For the holes 2:
_& _124, _,,

3d, 3d,

For the holes 1:
a=Lr _025=3% _pr5_1_025-075.

3d, 3d,

Method 1

The total bearing resistance is based on direct summarising
2,5dt 2,5dt 2,5dt
Fr = a)22 e (5044 2.0,75). Jo_z3. Jo

b.Rd
Mb }/ Mb }/ Mb

Method 2
The total bearing resistance is based on smallest of the individual resistances

25dt 25dt 25dt¢t
Fy z(za)—f"=(2-0,4+2-0,40)- Ju =16- /. )
Y 7w Y

If method 1 is used then the deformation in holes 2 can be high at the serviceability limit state
if all loads are permanent loads.

It is good engineering practice to create a symmetrical connection to avoid an unnecessary
plastic redistribution of internal forces. The summation of the resistances of the individual bolts is not
a safety but a serviceability issue. If there is a need to limit the deformations then a separate
serviceability limit state check should be carried out. Reccommendations are given in Clause 3.7,
prEN 1993-1-8, on how to calculate the resistance of a group of bolts. For unsymmetrical connections
strain hardening of the plates may be taken into account by ensuring F,zs = 1,2 F za.

Q&A 2.8 Bearing resistance in slotted holes

Note 1 to Table 3.4 prEN 1993-1-8 states that the reduction in bearing resistance for the case of
slotted holes is 60% of that used for a normal size clearance hole when the force is perpendicular to
the long direction of the slot. Is there any experimental evidence available to support this?

Nominal clearances for bolts in slotted holes are given in ENV 1090-1, Clause 8. The
reduction factor for resistance applied in prEN 1993-1-8 is based on the latest experiments [Wald et
al, 2002a,b], [Piraprez, 2000], [Tizani, 1999]. A lower design resistance is required primarily because
of the lower stiffness.
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Figure 2.10 Comparison of typical force - displacement diagrams of test with slotted holes
to circular holes, [Wald et al, 2002a]
It is clear from Figure 2.10 that bolted connection with slotted holes perpendicular to the applied
forces exhibit lower stiffness and higher deformation capacity compare to connections with circular
holes.

a) bearing failure in shear b) bearing failure in bending
Figure 2.11 Bearing failure of the slotted plate [Wald et al, 2002b]

The bearing resistance is predicted using the following simple model

25a f,dt
Forg =By ——, (2.3)
Y
where a 1s the smallest of
I T N R T (2.4)

3d, ' 3d, 4
The reduction factor S due to the slot was established using a standard procedure for determining the

partial safety factors from the test results, see [Wald et al, 2002b]. Influence of the slot length in the
plate failure is shown in Figure 2.12 where the results of 70 tests are shown.

u
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Figure 2.12 Experimental results versus resistance prediction by the design model for evaluation of fr

Q&A 2.9 Design method for fitted bolts

Could you provide a design method for fitted bolts? Give clarification and guidance covering the
following: tolerance on the hole diameters, bearing resistance, and assembly. Any limitations assumed
on the presence of threads in the bearing areas and shear plane.

Usually the tolerances are h12/H13 [EN ISO 898-1] which leads to a clearance of
approximately 0,3 mm. Bearing resistance can be taken as the same as that for bolts in clearance
holes. Assembly of the joint follows the normal procedure if the holes are prepared in the work shop.
An alternative is to do the final reaming of the holes on site in connection with the assembly. Threads
are not allowed in the bearing area.

Q&A 2.10 Combined shear and tension

According to Clause 6.5.5(5)of prEN 1993-1-8, a bolt loaded by a tension force equal to the design
tension resistance F,p; can still take a shear force of F,s; = 0,286 F,z,. What is the technical
background to this formula? A more logical approach is given by the following formula

F F
v,Sd + t,8d S I . (25)
Fv,Rd F;,Rd

Experimental observations have shown that bolts subjected to full shear have a significant
tension capacity. The tensile resistance is limited by fracture of the threaded part of the bolt but the
interaction between shear and tension is assumed to take place in the shank. An alternative interaction
formula is one based on the terms squared with the tensile resistance of the bolt shank in the
denominator as it is found in [Owens, Cheal, 1989]. According to Figure 2.13, variation in the ratio of
shear strength to tension strength is 0,63-0,68 if the shear plane cuts the threaded portion and 0,75-
0,89 if the shear plane is in the bolt shank.

If the shear plane cuts the bolt shank then the following two failure modes may occur:
e combine shear and tension on the shear plane, or alternatively
e the bolt fails primarily in tension in the threaded portion.
It is observed in experiments that the shear strength of the bolts increases with the increase in the grip
length. This can be explained by the greater bending that develops in a long bolt as compared to a
short grip bolt. The interaction equation used in prEN 1993-1-8: 2003 is given below.
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F F
v,8d t,5d S 1 (26)
Fv,Rd 1’4 F;,Rd
F AExperimental tensile resistance / predicted tensile resistance
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Figure 2.13 Interaction curves according to [Owens, Cheal, 1989]
with requirements given in standard prEN1993-1-8
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Q&A 2.11 Resistance of connections using high-strength steel
Is it possible to design connection in high-strength steel, with nominal yield strengths of 640 MPa
using requirements given in prEN1993-1-8: 2003?

prEN 1993-1-8: 2003 has been validated for steel grades up to S460 and therefore the method

given in the standard should not be used for higher grade steels.

[Kouhi,

An experimental study performed on double shear plane bolted connection was presented in
Kortesmaa, 1990]. Plates were tested nominally yield strength of 640 MPa and ultimate

strength of 700 MPa. Bolts made of 10.9 grade were used and the following failure modes were
obtained in the tests: bearing resistance, block shear failure and the net section failure on 18 tests, 6,

test and

6 tests, respectively.
Test results are compared with the design models given in prEN1993-1-8: 2003 and all the

results are found to be on a safe side, see Figure 2.14.

e 5 ZAN Experimental resistance / predicted resistance
re <
1,8 1
' A
1,6 A = g
i g o ¢ 5
A \ 4
1,2 L 2 o 8
I o) 6) ) )
@ block shear
0,8 -
0.6 O bearing 1st bolt row
014 i A block 2nd bolt row
0,2 - @ net section
0 ‘ ‘ ‘ ‘ ‘ ‘ >
0 1 2 3 4 5 6 Specimen

Figure 2.14 Resistance of the bolted connection of tests studied in [Kouhi, Kortesmaa, 1990].

Note:

Formulae for bearing resistance and net section resistance used in the original paper give
same results as prEN1993-1-8: 2003.

Formula for block shear resistance in prEN1993-1-8: 2003 is conservative compared to the
original publication.

Bearing resistance of the whole connection calculated by summarizing the bearing resistance
of each individual bolt is shown in Figure 2.14. The deformations measured in the tests at the
ultimate limit state were similar to the magnitude of the bolt diameter. Bearing resistance
obtained using the lowest individual bolt resistance are on the safe side.

Two test groups were performed to study bearing resistance. One group of six specimens had
one row of bolts and the second group had two rows of bolts, indicated in Figure 2.14 as
bearing-1r and bearing-2r, respectively.

Plates with thickness of 3 mm, 4 mm, 6 mm and 8 mm were used in the tests. Measured yield
strengths in range from 604 MPa to 660 MPa for plate thickness 6 mm and 4 mm respectively.
The ultimate strength was in the range 7711 MPa to 759 MPa for plate thicknesses 6 mm and
4 mm, respectively. The measured properties were obtained as the mean values of three
specimens.
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3 WELDING

The majority of welded connections are produced in the fabricator shop. During the design the
ductility of the weld needs to be guaranteed. This is resolved by a set of design rules. For structural
steel connections metal arc welding is used on all but a few special cases such as stud welding. When
using this approach the weld metal should be compatible with the parent metal in terms of its
mechanical properties. The material thickness should be at least 4 mm (special rules need to be
applied for welding thin walled elements). Welds can be classified as fillet welds, slot welds, butt
welds, plug welds and flare groove welds. prEN 1993-1-8 provides requirements for the effective
length of a fillet weld with a throat thickness a, see Figure 3.1.

Figure 3.1 Definition of throat thickness a

In the design procedure the internal force on the fillet weld is resolved into components parallel and
transverse to the critical plane of the weld throat, see Figure 3.2. A uniform stress distribution is
assumed on the critical throat section of the weld, leading to the following normal stresses and shear
stresses:

o, the normal stress perpendicular to the critical plane of the throat,

o, the normal stress parallel to the axis of the weld, it should be neglected when calculating

the design resistance of a fillet weld,
7, the shear stress (in the critical plane of the throat) perpendicular to the weld axis,
7, the shear stress (in the critical plane of the throat) parallel to the weld axis.

Figure 3.2 Stress in critical plane of fillet weld

The resistance of the fillet weld will be sufficient if the following two conditions are satisfied:

S

Jo. +3(, +7,) < 3.1)
ﬂw 7Mw
and
o, SL. (3.2)
}/Mw

The correlation factor f,, is summarised in Table 3.1.

prEN 1993-1-8 includes a simplified procedure for calculating the design shear resistance of
the fillet weld per unit length independent of the direction of loading, see Figure 3.3,

Jpp—

= Ju 3.3
NEN: G
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and the resistance of the weld per unit length is
F

w,Rd =a

(3.4)

ww,d *

Table 3.1 Correlation factor for weld resistance

Standard and steel grade Correlation factor f,,
EN 10025 EN 10210 EN 10219
S 235 S235H S235H 0.8
S235W ’
S 275 S275H S275H 0,85
S 275 N/NL S 275 NH/NLH S 275 NH/NLH
S 275 M/ML S 275 MH/MLH
S 355 S355H S355H 0.9
S 355 N/NL S 355 NH/NLH S 355 NH/NLH
S 355 M/ML S 355 MH/MLH
S355W
S 420 N/NL S 420 MH/MLH 1.0
S 420 M/ML
S 460 N/NL S 460 NH/NLH S 460 NH/NLH 1.0
S 460 M/ML S 460 MH/MLH
S 460 Q/QL/QL1

F w,Rd Fw, [V

Figure 3.3 Design of fillet weld independent of the direction of loading

When very long welds are exposed to a force in the direction of the weld the stresses in the middle of
the weld may be lower compare to the corners, see Figure 3.4a. This results from the deformations of
the connected plate. If the plates are adequate the stresses in the welds are uniform, see Figure 3.4b.
This overloading may result in failure of the ends of the welded connection (zip effect). Resistance of
welds longer than /50 a should be reduced by the factor f;,, see Figure 3.4c,

a) non-uniform distribution of internal stresses
LB
Lw

(3.5)

b) uniform distribution of internal stresses

0’8—\

L/a
>

|
0 50 100 150 200 250 300 350 400

¢) reduction factor fr,,

Figure 3.4 Long weld
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As far as butt welds are concerned, full penetration welds have a design resistance that is equal to the
design resistance of the weaker of the parts joined. The resistance of a partial penetration butt weld
shall be determined in a similar way to that for deep penetration fillet welds. The depth of the
penetration should be obtained by tests.

Joint details causing through-thickness stresses originating from welding carried out under
conditions of restraint shall be avoided whenever possible, to reduce the possibility of lamellar
tearing. Where such details are unavoidable appropriate measures must be taken. The distribution of
forces in a welded connection may be calculated by using either an elastic or a plastic method.

Q&A 3.1 Connecting Two Angles to Gusset Plate

Should the eccentricity between the welds and the centre of the angle be taken into account?

In general the forces and moments due to all eccentricities should be taken into account when
calculating the stresses in the weld. In the case of equal angles it is common European practice to
neglect the eccentricity in the design of welds.

If the unequal angles are connected to a fin plate the eccentricity is taken into account by member
design as well as by weld design. The following example shows how the forces in the weld can be
calculated.

Figure 3.5 Angles connected to a gusset plate

The weld on the lower side, marked as weld @, is loaded by the force F; equal to

F, e
F=-5_ 3.6
=5 (3.6)

which causes shear stresses parallel to the axis of the weld 7z,

Ju

r o< Ju 3.7
" \Eﬂw ]/Mw

This is the only stress in this weld. The resistance of the weld can be checked using formula (3.3),
which can be simplified to

.

T, Sm (3.9)
The force F; on the upper weld, (weld @), is equal to
and the shear stress 7,

Ton = ;—22 : (3.10)
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Q&A 3.2 Effective Width of Welded Beam-to-Column Connection

When designing welded beam-to column connection, an effective width is used to calculate the
resistance of the column flange in bending. Is it possible to design the welds connecting the beam
flange to column flange using the width b, if the effective width is smaller than width of the beam
flange?

According to prEN1993-1-8 Clause 6.2.4.4 for unstiffened column flanges in bending, the
tensile design resistance is calculated using the following formula:

t, f,
F or =(zw +2s+7kzﬁ>)M (3.11)
MO
where
t,
k = min [f)’” tf“ ; zj (3.12)
yb " fb

and ¢, is thickness of column web, ¢ thickness of column flange, #;, thickness of beam flange and s is
equal to fillet radius r, for hot rolled column sections, see Figure 3.6.

T T

|
Lo

__;}\_,

Figure 3.6 Effective width of beam flange of welded joint and stress in the connected flange

According to prEN 1993-1-8 Chapter 4.10 the effective width b4 of a fillet weld connecting the beam
flange is

by=t,+2s+7t,, (3.13)

eff

but it is limited to

2
t, "
b, =t,+2s+7| 2~ Lo . (3.14)
) t_/b fvb

Substituting equation 3.12 into 3.11 gives the same effective width for calculating the resistance of the
beam flange in tension as that used for the fillet weld.
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Q&A 3.3 Throat Thickness of a Fillet Weld used in a Hollow Section Joints
Do the rules for the throat thickness of a weld given in prEN 1993-1-8 guarantee, that there is enough
deformation capacity in the welds such that the welds are not the weakest part of the whole joint?

The expressions given in prEN 1993-1-8 relate the throat thickness of the fillet weld a to
the minimum thickness ¢ of the welded hollow section members, see Table 3.2. If the previous
relations are fulfilled, the fundamental criterion of welding between hollow sections is satisfied.
Then, the design resistance of the weld per length of the perimeter of a diagonal member is not less
than the design resistance of the cross section of this member per length of the perimeter. This
criterion ensures that there is enough deformation capacity in the welds, which allows the
redistribution of the bending moments.

Table 3.2 Minimum throat thickness for fillet welds of hollow section joints

Steel grades according to EN 10025
S 235 a/t>20,84 a
S 275 a/t>20,87 a
S 355 a/t>1,01 a
Steel grades according to EN 10113
S 275 a/t2091 a
S 355 a/t>1,05 a

When yy; = 1,10 and ys, = 1,25, then o = 1,0; otherwise o = 1,10 s /(1,25 1y

Q&A 3.4 Modelling the Resistance of a Fillet Weld
prEN 1993-1-8 gives two methods for the design of fillet welds, the exact method and the simplified
one. What are the differences between these two methods?

There is no difference in the case of a connection loaded by a force parallel to the weld, see
Figure 3.7.

/.
== 3.15
= g 12

Fs’d

G

a) loaded by force parallel to weld b) loaded by force perpendicular to weld
Figure 3.7 Fillet weld

For a weld loaded perpendicular to its length the differences between the two models are significant.
The stresses may be calculated as

% and z,=0. (3.16)

V2

From the plane model we obtain

o, =17, =
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The difference will be

-](w.end.Rd /fw.Rd = \/E/\/E = 1’22 . (318)

Q&A 3.5 Design of Partially Penetrated Butt Weld
What procedure is recommended for the design of partially penetrated butt welds?

Partially penetrated butt welds may be designed as fillet weld with an effective width
of a = a,, — 2 mm, see Figure 3.8a.

t
am)m ]
‘ A nom.1

ano,j; Anom | M%

N a

nom.2

a) partially penetrated butt weld b) T joint
Figure 3.8 Effective width

For T joints full penetration is assumed in the case of

>t

nom.2 =

(3.19)

In the case of partial penetration in the T joint, see Figure 3.8b, the weld is designed as a fillet weld
with an effective width

anam,l + anom.Z <t
a =a

pom.1 — 2 mm (3.20)

a2 = anom.Z -2 mm .
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Q&A 3.6 Weld Design for Full Resistance of Connecting Members
What are the recommendations for the design of a fillet welds in the case of a connection with full
member resistance?

2 lVSd

a) loading by normal force b) loading by shear force
Figure 3.9 Fillet weld effective thickness

In the above case, see Figure 3.9, the weld may be designed to resist the applied forces. The weld
thickness may be calculated as

ot
fu/}/Mw’

a>07 (3.21)

where o = Fs;/(t h), and FJ, is the acting design force, f, is plate design strength, ¢ is the thinness of
connecting plate, b is width of connecting plate. If an elastic global analysis is used the weld need to
carry the full capacity of a plate the thickness, assuming S235 steel (f, = 235 MPa; f, = 360 MPa), is
given by the following expressions

/o)t
oy Lo Twdt (23571100t oy, o, .
ful Vi 360/125

When plastic global analysis it is for braced frames the weld thickness is given by

Syt
as 14070 Tt gy 07 (235/LI0)E e 07 (3.23)
e 360/ 1,25

and for unbraced frames

Y
(), Tw)t 5 g7 (235/110)t 0o g, (3.24)

a>17-07 ,
T 360/1,25

Similarly for the design of a weld loaded parallel to its length, the weld thickness may be calculated as

/(N3 t
050851 <085 (3 70) =0,85235/”’1*\/§)t
S/ Vi Jo! Vo 360/125

=036t=04t (3.25)

where 7 = Vs, /(¢ h), Vs, is the design shear force in weld.
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4 STRUCTURAL MODELLING

Joint behaviour has a significant effect on the response of the structural frame and must be
included in both the global analysis and design. The types of joint modelling with respect to their
stiffness and resistance are summarised in Table 4.1. In the case of elastic global frame analysis, only
the stiffness properties (the initial stiftness for the Serviceability Limit State and stability calculations
and the secant stiffness for the Ultimate Limit State calculations) of the joint are relevant for the joint
modelling. In the case of rigid-plastic analysis, the principal joint features are its resistance, and its
rotational capacity both of which need to be checked. In all other cases, both the stiffness and the
resistance properties should be included in the joint model. These different models are illustrated in
Table 4.2 and Figure 4.1. For most applications, separate modelling of the connection and the web
panel behaviour is not convenient, but may be useful in some cases.

Table 4.1 Types of joint modelling

STIFFNESS RESISTANCE
Full-strength Partial-strength Pinned
Rigid Continuous Semi-continuous -
Semi - rigid Semi-continuous Semi-continuous -
Pinned - - Simple
M A M A
M. )
2 J,Rd
ERY
MisaT[ s Ml /s
Jint J.ini
> >
¢ ¢

a) elastic analysis at the Serviceability Limit
State, initial stiffness S; ;,; and resistance M, rq

M A

M; ra

¢) rigid - plastic analysis, resistance M; rs and
deformation capacity ¢cy

b) elastic analysis at the Ultimate Limit State,
modified stiffness S;,; and resistance M; r,

M A

Mypef----- -2

d) elastic - plastic analysis full curve description

Figure 4.1 Design joint properties based on the type of global analysis

Table 4.2 Joint modelling and frame global analysis

TYPE OF FRAME ANALYSIS
MODELLING Elastic analysis Rigid-plastic analysis Elastic-plastic analysis
Continuous Rigid Full-strength Rigid/full strength
Semi-continuous Semi-rigid Partial-strength Rigid/partial-strength
Semi-rigid/full-strength
Semi-rigid/partial-strength
Simple Pinned Pinned Pinned
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a) joint

b) model including the column
web panel in shear separately

¢) properties of the column web
panel included in the response

of both connections
Figure 4.2 Modelling of joint by rotational springs

Table 4.3 Coefficients & and ¢ and lever arm r for estimation of initial stiffness and bending moment
resistance of beam to column joints and column bases, see Q&A 4.1

Joint Coefficient Joint Coefficient
beam to column & c beam to column, base plate £ c
T Rlre
T >MSd 130 | 5 K > w | >7
‘ v | |
b ':( ]
.:1- --:1> 7,5 7 rI< IR \> 6 7
r I i I \ T
= = L
— 7 i
r \> 8’5 S r g g >
GO Tt AR
= — -
rJi ‘.> 3 > 7 » ( > 35 _
= >
FI > 1,5 s A ) 15 -
FT > 1,5 5 rﬁ?» 4 -
pais (I F “
K > 60 7 E = 0 -
r | | r - )
7~ 7~
. %> 55 | 5 : 20 s
= M H (base plate)
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Q&A 4.1 Preliminary Design of Connections
prEN 1993-1-8 gives rules for determining the behaviour of major axis, beam-to-column steel
moment connections. Is there any other method, which can be used for preliminary design?

A simple way of predicting connection behaviour was developed by Steenhuis for preliminary
design [Steenhuis, 1999]. Estimation of stiffness and resistance of the joint is based on the weakest
component. The stiffness may be estimated by

E r't %

Jj.ini.app g >

4.1)

where f; is the thickness of the column flange or base plate. The lever arm r is estimated as the
distance between the centres of its beam flanges, see Table 4.3.

The moment resistance of the joint may be based on the column flange thickness #. which is assumed
to be the weakest element
Ry rit

j.Rd.app —
Vo

The factor ¢ can be found in Table 4.3. To ensure the column flange is the weakest component it is
assumed the end plate thickness ¢, is thicker than column flange #, >, the thickness of the column
web stiffener #,. is t, ~ ;5 and the diameter of the bolts is larger than the thickness of the column
flange d > ;..

M 4.2)

Q&A 4.2 Use of Elastic Theory for Global Analysis of Structures
Is it allowed to use elastic methods for analysing a structure with connections designed by means of
plastic theory?

Elastic global analysis may be used with connection designed plastically provided that the
appropriate connection stiffness is taken into account in the elastic global analysis.
N M

‘S}, ini
7\\‘ S/ sec

joult 4= — = —

jel 71—

¢
>

Figure 4.3 Initial and secant stiffness of connection

For example if the moment capacity of a connection is based on M;,, the tangent stiffness S;.;
should be used in the analyses. However, if the moment capacity is based on M, the secant stiffness
S; sec should be used.

In practice, the resistance of the elements is often based on a plastic stress distribution
performed with elastic global analysis. The rotation capacity of a plastic hinge cross sections is
implemented by classification of the section using the slenderness of the web and flanges. Class 2 is
required for elastic analysis and the resistance is based on a plastic stress distributions. This procedure
is simple and practical. It is based on engineering experience and not on an exact procedure
of analysis. It is expected that the Ultimate Limit State will be reached on limited occasions only. The
same procedure can be applied to connections. The resistance of all structural elements, members and
connections, must satisfy the design criteria.
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The elastic behaviour of an element is expected at the Serviceability Limit State. The load
ratio of loads at the Ultimate Limit State and Serviceability Limit State for steel structures can be
estimated as ((/*1,35+3*1,50)/4)/1,00 = 1,46 and the ratio of plastic and elastic resistance of an
I cross-sections is about 7,18/1,00 = 1,18. Hence the check of elastic behaviour at the Serviceability
Limit State is not necessary. This is not the case for composite members, where the check of elastic
response at the Serviceability Limit State is part of the standard design procedure. The same principle
is applied to the design of connections. It is reported [Zoetemeijer, 1983] that the beginning of non-
linear behaviour of the end plates may be estimated at 2/3 of the plastic bending moment resistance of
a beam of rectangular cross section. For other connection types this ratio was observed in tests results.
This estimation is conservative and safe when the yield stress f, is used in the prediction model, see
Figure 4.4.
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<
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:
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>
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Figure 4.4 Prediction of the joint behaviour

A plastic force distribution is usually used in design, see Figure 4.5a. However, certain
components can limit the rotational capacity of the connection. Methods to predict the rotational
capacity of a connection from the deformation capacity of its component are currently under
development. Therefore, simple deem to satisfy criteria for determining a connections rotational
capacity are given in prEN 1993-1-8: 2003.

The components in the connection can be divided into two categories: ductile components
(plate in bending, column web in shear, and column web in tension) and brittle components (bolts in
shear and tension, welds and reinforcing bars). It is good engineering practice to over design the
brittle components to increase the deformation capacity and safety. Elastic distribution is applied in
the case when the brittle component limits the resistance of the connection, see Figure 4.5¢c. If the
brittle component (bolt in second bolt row, for example) is placed in the middle of the joint, then the
lower components need to remain elastic. In this case, an elastic plastic force distribution is applied to
the connection, see third bolt row on Figure 4.5b.

- plastic distribution  elastic-plastic distribution elastic distribution

) b) ¢

Figure 4.5 The modelling of distribution of internal forces inside the bolted end plate joint,
a) plastic force distribution, b) elastic plastic force distribution, c) elastic force distribution
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Q&A 4.3 Classification Criteria for Column Bases

Why are different limits used for the classification of beam-to-column connections and column bases
in prEN 1993-1-8: 2003? Could you give the background to their classification system?

Connections may be classified according to their resistance, stiffness and rotation capacity,
see Figure 4.6.

Moment, M Moment, M
elastic rotation M{

b S
M, PLRA /\ full strength connection / of connected beam == 1;}7
ultimate rotation

partial strength connection

of connected beam

\ductile connection (Class 1) }(qu j\

semi-ductile connection (Class 2)

bending moment resistance
of connected beam

\  brittle connection (Class 3)

i - >
Rotation, ¢

Rotation, ¢

Figure 4.6 Classification of connections based on resistance and rotation capacity

The boundaries for the stiffness between rigid and semi-rigid connections are based on the
required accuracy of the design (e.g. of the global analysis) of the member forces and connection
check. The minimum stiffness of joints in a structural frame, which causes a change of the internal
forces within the required accuracy limits, may be evaluated. This stiffness is the limit for rigid
connections and all joints with higher stiffness can be modelled as rigid joints. For practical reasons,
the limits for beam to column joints given in standards are conservative. For simplicity these values
are scaled to the bending stiffness of the connected beams, see Figure 4.7. Following the above
procedure limits have been developed between rigid and semi-rigid connections. Connections are
assumed to be rigid if the buckling load of the structure is not less than 97,5% the buckling load of the
same structure with rigid connections. The need to check deflections at the Serviceability Limit State

is the reason for the different limits for unbraced (§ smia =25 ) and braced frames (E jniu =8 ). The
pinned connection cannot be designed by independent checks on stiffness, resistance and rotation
capacity. It is characterized by low stiffness (§ s =0,5), low bending moment resistance and high
rotation capacity (@, = 60 mrad).

M,
10 [\Rigid

connections W = M
1 Y
08 | B m bpLRd
L Sj,ini,u = 25 _ E Ib ¢
$=

0,6 +

B m Ly My pa
S jinip= 8 S

J,ini,p = 0,5

. .. . /
Semi-rigid connections  /
\/

0,4

Pinned connections

0 0,1 0,2 03 9

>

Figure 4.7 Classification of beam to column joints based on its bending stiffness

Similar calculation were performed on frames with semi-rigid column bases, see [Wald,
Jaspart, 1999], to determine the classification limit for column bases. In this case the stiffness of the
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column base is defined in terms of the stiffness of the connected column. Furthermore the resistance
of the column is limited by its slenderness. The minimum stiffness of the column base depends on the

relative slenderness A of the column and is expressed as:

for A<0,5 is the limit S, >0, (4.3)
for 05<A<393 isthelimit S, >7(24-1)EI /L, (4.4)
and for 3,93<2 isthe limit S, 2481 /L. (4.5)

The limit (4.5) is a conservative approximation and can be used for all columns. The limiting stiffness
12E1./L. may be used for unbraced frames compared of columns with a slenderness lower

than A = 1,36, see Figure 4.8.
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Figure 4.8 Prediction of column resistance based on the lower support bending stiffness

The limits for unbraced frames are banned on a limiting horizontal displacement. Base plates
are assumed to be rigid if the horizontal displacement of the structure is not less than 90% of the
horizontal displacement of the same structure with rigid connections. A study was undertaken on a
portal frame with a flexible rafter. The results from this study are given in Figure 4.9.
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Figure 4.9 Classification of column bases based on bending stiffness
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Q&A 4.4 Design of Connections Loaded by Low Forces
In the case of a connection subject to low forces, is it necessary to design it for a certain "reasonable"
level of force?

Structural connections should be designed to transmit environmental, accidental and nominal
forces. In the case of very low applied forces the integrity of the structure and load cases at erection
should be taken into account. The resistance depends on the type of connection.

To prevent progressive collapse under accidental loading the model of the tie forces was
introduced, see [BCSA 1996]. The example of tying the columns of the building is given in Fig. 4.10.
The minimum tie force is taken as 75 kN.
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Figure. 4.10 Example of tying the columns of the building
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Q&A 4.5 Modelling of Joint Eccentricity in Frame Design

Frames are usually modelled with a system of lines, joining the centres of sections. In the figure
below, if the connection is designed as a pin may the column be designed as an axially loaded
column?

The eccentricity of the connection is taken into account in the global analysis. Only the
eccentricity of a bolted beam to column connection (end plate, web cleats and so on) to web of an
open column may be neglected, see Figure 4.11. The eccentricity of a connection to a column flange
as shown in the picture above needs to be taken into account.
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Figure 4.11 Example of the load eccentricity for column

The error in neglecting the eccentricity about the column weak axis is relatively high. The
error may be estimated from the interaction of the normal force and bending moment (buckling of the
column is neglected)

&JFMSI’ (4.6)
N M

pl.Rd pl.Rd

The column normal force resistance is

Noyw=AS /7y =7808-235/110=1668-10° N, (4.7)

pl.Rd
and column bending moment resistance is

M S/ Vi =2003- 10°-235/1,10=42,8-10° Nmm . (4.8)

plAzARd pl z

The normal force resistance drops to /419 kN with eccentricity e = 4,5 mm, and the error in design
resistance is 14,9%.

The error in neglecting bending about column strong axis can be calculated using column
bending moment resistance

M Wy ol Vasg =642,5-10° -235/1,10=137,2-10° Nmm . (4.9)

pl.y.Rd

The normal force resistance drops to 752,8*1(0° N and the error in design resistance for eccentricity
e =100 mm is 54,9%.
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5 SIMPLE CONNECTIONS

5.1 Design Philosophy

Connection design depends very much on the designer’s decision regarding the method by
which the structure is analysed. The latest draft of Eurocode 3 [prEN 1993-1-8: 2003] includes four
approaches for the design of a structure in which the behaviour of the connection is fundamental.
These design methods are defined as simple design, semi-continuous design, continuous design and
experimental verification. Elastic, plastic and elastic-plastic methods of global analysis can be used
with any of the first three approaches, see Chapter 4.

The joints are classified according to the method of global analysis and the type of joint model.
This chapter is concerned with the design of simple joints where the method of global analysis may be
elastic, rigid-plastic or elastic-plastic. Simple connections are defined as those connections that
transmit end shear only and have negligible resistance to rotation and therefore do not transfer
significant moments at the ultimate Limit State [BCSA 1996]. This definition underlies the design of
the overall structure in which the beams are designed as simply supported and the columns are
designed for axial load and the small moments induced by the end reactions from the beams. In
practice, however, the connections do have a degree of fixity, which although not taken in to account
in the design is often sufficient to allow erection to take place without the need for temporary bracing.
The following four principal forms of simple connection are considered in this section:

e Double angle web cleats

e Flexible end-plates (header plates)

e Fin plates

e Column splices
To comply with the design assumptions, simple connections must allow adequate end rotation of the
beam as it takes up its simply supported deflected profile and practical lack of fit. At the same time
this rotation must not impair the shear and tying (for structural integrity — see below) capacities of the
connection. In theory a 457 mm deep, simply supported beam spanning 6,0 m will develop an end
rotation of 0,022 radians (1,26 °) when carrying its maximum factored load. In practice this rotation
will be considerably smaller because of the restraining action of the connection. When the beam
rotates it is desirable to avoid the bottom flange of the beam bearing against the column as this can
induce large forces in the connection. The usual way of achieving this is to ensure that the connection
extends at least /0 mm beyond the end of the beam.

5.2 Structural Integrity

The partial collapse of Ronan Point in the UK in 1968 alerted the construction industry to the
problem of progressive collapse arising from a lack of positive attachment between principal elements
in a structure [BS 5950]. Structures are required to have a minimum robustness to resist accidental
loading. One method of achieving this is by tying all the principal elements of a structure together .
This means that the beam-to-column connections of a steel frame must be capable of transferring a
horizontal tying force in order to preserve the integrity of the structure and prevent progressive
collapse in the event of accidental damage.

5.3 Design Procedures

The design of these simple connections is based on the principles and procedures adopted in
Eurocode 3 Part 1.8 [prEN 1993-1-8: 2003]. Typical practice in terms of type and nature of fixings
and connection types varies between the member countries of the Community. This section deals with
the general principles applicable to all types of simple connection. Detailed design procedures in the
form of a check list are presented for flexible end plates and fin plates. The relevant formulae may be
found in the Eurocode.

5.4 Beam-to-column connections
5.4.1 Double angle web cleats

Typical bolted double angle cleat connections about both the major and minor axis of a
column are shown in Figure 5.1. These types of connection are popular because they have the facility
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to provide for minor site adjustments when using untorqued bolts in 2 mm clearance holes. Normally
the cleats are used in pairs. Any simple equilibrium analysis is suitable for the design of this type of
connection. The one recommended in this publication assumes that the line of action of shear transfer
between the beam and the column is at the face of the column. Using this model the bolt group
connecting the cleats to the beam web must be designed for the shear force and the moment produced
by the product of the end shear and the eccentricity of the bolt group from the face of the column. The
bolts connecting the cleats to the face of the column should be designed for the applied shear only. In
practice the cleats to the column are rarely critical and the design is almost always governed by the
bolts bearing on to the web of the beam. The rotational capacity of this connection is governed largely
by the deformation capacity of the angles and the slip between the connected parts. Most of the
rotation of the connections comes from the deformation of the angles while fastener deformation is
very small. To minimise rotational resistance (and increase rotational capacity) the thickness of the
angle should be kept to a minimum and the bolt cross-centres should be as large as is practically
possible.

When connecting to the minor axis of a column it may be necessary to trim the flanges of the
beam but this does not change the shear capacity of the beam. During erection the beam with the
cleats attached is lowered down the column between the column flanges.
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Figure 5.1 Typical major and minor axis double angle cleat connections

5.4.2 Single angle web cleats

Single angle web cleats are normally only used for small connections or where access
precludes the use of double angle or end-plate connections.
This type of connection is not desirable from an erector’s point of view because of the tendency of the
beam to twist during erection. Care should be taken when using this type of connection in areas where
axial tension is high. The bolts connecting the cleat to the column must also be checked for the
moment produced by the product of the end shear force and the distance between the bolts and the
centre line of the beam.

5.4.3 Flexible end-plates

Typical flexible end-plate connections about the major and minor axis of a column are shown
in Figure 5.2. These connections consist of a single plate fillet welded to the end of the beam and site
bolted to either a supporting column or beam. This connection is relatively inexpensive but has the
disadvantage that there is no room for site adjustment. Overall beam lengths need to be fabricated
within tight limits although packs can be used to compensate for fabrication and erection tolerances.
The end-plate is often detailed to extend to the full depth of the beam but there is no need to weld the
end-plate to the flanges of the beam.

Sometimes the end-plate is welded to the beam flanges to improve the stability of the frame
during erection and avoid the need for temporary bracing. This type of connection derives its
flexibility from the use of relatively thin end-plates combined with large bolt cross-centres. An 8 mm
thick end-plate combined with 90 mm cross-centres is usually used for beams up to approximately
450 mm deep. For beams 533 mm deep and over a /0 mm thick end-plate combined with 740 mm
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cross-centres is recommended. The local shear capacity of the web of the beam must be checked and,
because of their lack of ductility, the welds between the end-plate and beam web must not be the
weakest link.
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Figure 5.2 Typical major and minor axis flexible end-plate connections

Detailed Design Procedure

1. Shear capacity of bolt group
The shear capacity of the bolt group must be greater than the reaction at the end of the beam. The
shear capacity of either the threaded or unthreaded portion of the bolt should be checked.

2. Shear and bearing capacity of the end plate
The shear capacity of the end plate must be greater than half the reaction at the end of the beam. The
bearing capacity of the end plate must be greater than half the reaction at the end of the beam.

3. Shear capacity of the beam web
The shear capacity of the beam web connected to the end plate must be greater than the reaction at the
end of the beam.

4. Capacity of fillet welds connecting end plate to beam web
The capacity of the fillet weld must be greater than the reaction at the end of the beam.

5. Local shear and bearing capacity of column web
The local shear capacity of the column web must be greater than half the sum of the beam end
reactions either side of the column web. The bearing capacity of the column web must be greater than
half the sum of the reactions either side of the column web divided by the number of bolt rows.

6. Structural integrity requirements
The tension capacity of the end plate, beam web and bolt group must be greater than the tie force.

5.4.4 Fin plates

A more recent development, which follows both Australian and American practice has been
the introduction of the fin plate connection. This type of connection is primarily used to transfer beam
end reactions and is economical to fabricate and simple to erect. There is clearance between the ends
of the supported beam and the supporting beam or column thus ensuring an easy fit. Figure 5.3 shows
a typical bolted fin plate connection to the major and minor axes of a column. These connections
comprise a single plate with either pre-punched or pre-drilled holes that is shop welded to the
supporting column flange or web.

Considerable effort has been invested in trying to identify the appropriate line of action for
the shear. There are two possibilities, either the shear acts at the face of the column or it acts along the
centre of the bolt group connecting the fin plate to the beam web. For this reason all critical sections
should be checked for a minimum moment taken as the product of the vertical shear and the distance
between the face of the column and the centre of the bolt group. The critical sections are then checked
for the resulting moment combined with the vertical shear. The validation of this and other design
assumptions were checked against a series of tests on fin plate connections. The results of these tests
concluded that the design approach was conservative and gave adequate predictions of strength. The
tests also showed that fin plates with long projections had a tendency to twist and fail by lateral
torsional buckling. Fin plate connections derive their in-plane rotational capacity from the bolt
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deformation in shear, from the distortion of the bolt holes in bearing and from the out-of-plane
bending of the fin plate.

Detailed Design Procedure

1. Capacity of the bolt group connecting the fin plate to the web of the supported beam
The bearing capacity per bolt must be greater than the resultant force on the outermost bolt due to
direct shear and moment.

2. Strength of the fin plate at the net section under bearing and shear
The shear capacity of the fin plate must be greater than the reaction at the end of the beam. The elastic
modulus of the net section of the fin plate must be greater than the moment due to the end reaction
and the projection of the fin plate.

3. Strength of the supported beam at the net section
The shear capacity of the supported beam must be greater than the reaction at the end of the beam. For
long fin plates the resistance of the net section must be greater than the applied moment.

4. Strength of weld connecting fin plate to supporting column
The leg length of the fillet weld(s) must be greater than 0,8 times the thickness of the fin plate.

5. Local shear check of column web
The local shear capacity of the column web must be greater than half the sum of the beam end
reactions either side of the column web.

6. Buckling resistance of long fin plates
The buckling resistance moment of the fin plate must be greater than the moment due to the end
reaction and the projection of the fin plate.

7. Structural integrity
The tension capacity of the fin plate and the beam web must be greater than the tie force. The bearing
capacity of the beam web or fin plate must be greater than the tie force and the tying capacity of the
column web must be greater than the tie force.
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Figure 5.3 Typical major and minor axis fin-plate connections

5.5 Beam-to-beam connections

There are three forms of beam-to-beam connection, double angle web cleats, flexible end-plates and
fin plates and the comments given in sections 5.4.1, 5.4.3 and 5.4.4 on similar beam-to-column
connections will apply. The following sections highlight some of the additional items that need to be
considered when designing and using beam-to-beam connections

5.5.1 Double angle web cleats

Figure 5.4 shows typical beam-to-beam double angle web cleat connections with single
notched and double notched beams. Where the top flanges of the connected beams are at the same
level, as in the case of the connection shown in Figure 5.4, the flange of the supported beam is
notched and the web must be checked allowing for the effect of the notch. The top of the web of the
notch, which is in compression, must be checked for local buckling of the unrestrained web. For
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beams, which are not laterally restrained, a more detailed investigation is required on the overall
stability of the beam with notched ends against lateral torsional buckling.
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Figure 5.4 Single and double notched beam to beam connections

The web angle cleat can become cumbersome when used to connect unequal sized beams. In this case
it is necessary to notch the bottom flange of the smaller beam to prevent fouling of the bolts.
Alternatively the cleat of the larger beam could be extended and the bolts placed below the bottom of
the smaller beam.

5.5.2 Flexible end-plates (header plates)

This type of connection is shown in Figure 5.4. Like the double angle cleat connection, the
top flange of the supported beam is notched to allow it to fit to the web of the supporting beam. If
both beams are of a similar depth both flanges are notched. In either case if the length of the notches
exceed certain limits the unrestrained web and beam must be checked for lateral torsional bucking.

supporting beam

supported beam

0000

00 o0O0

L

Figure 5.5 Typical beam to beam flexible end-plate connection

In practice the end-plate is often detailed to extend to the full depth of the notched beam and welded
to the bottom flange. This makes the connection relatively stiffer than a partial depth end-plate but
provided the end-plate is relatively thin and the bolt cross centres are large, the end-plate retains
sufficient flexibility to be classified as a simple connection.

If the supporting beam is free to twist there will be adequate rotational capacity even with a
thick end-plate. In the cases where the supporting beam is not free to twist, for example in a double
sided connection, the rotational capacity must be provided by the connection itself. In such cases
thick, full depth end-plates may lead to overstressing of the bolts and welds. Both partial and full
depth end-plates derive their flexibility from the use of relatively thin end-plates combined with large
bolt cross centres. Normally end-plates no more than 8§ mm or 10 mm thick should be used.

5.5.3 Fin plate connections

Typical bolted fin plate connections are shown in Figure 5.6. The comments made in section
5.4.4 on beam-to-column fin plates apply to beam-to-beam fin plates. In addition, a beam-to-beam fin
plate connection requires either a long fin plate as shown in Figure 5.6a or a notched beam as shown
in Figure 5.6b. The designer must therefore choose between the reduced capacity of a long fin plate
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and the reduced capacity of a notched beam. Another minor consideration is the torsion induced when
fin plates are attached to one side of the supported beam web. However, tests have shown that in these
cases the torsional moments are small and can be neglected.
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Figure 5.6 Beam to beam fin plate connections

5.6 Column splices

This section presents design requirements for column splices in braced multi-storey buildings.
In this type of building column splices are required to provide continuity of both strength and stiffness
about both axes of the columns. In general they are subject to both axial compression and moments
resulting from the end reactions of the beams. If a splice is positioned near to a point of lateral
restraint (i.e. within say 500 mm above the floor level), and the column is designed as pinned at that
point the splice may simply be designed for the axial load and any applied moments. If, however, the
splice is positioned away from a point of lateral restraint (i.e. more than 500 mm above the level of the
floor), or end fixity or continuity has been assumed when calculating the effective length of the
column, the additional moment that can be induced by strut action must be taken in to account.

Two types of splices are considered in this section, those where the ends of the members are
prepared for contact in bearing, and those where ends of the members are not prepared for contact in
bearing. In both cases the column splices should hold the connected members in line and wherever
practicable the members should be arranged so that the centroidal axis of the splice material coincides
with the centroidal axes of the column sections above and below the splice.
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Figure 5.7 Column splice with ends prepared for bearing

5.6.1 Ends prepared for contact in bearing

Typical details for this type of column splice are shown in Figure 5.7. In all three cases the
splice is constructed using web and flange cover plates and packs are used to make up any differences
in the thickness of the web and the flanges. The flange cover plates may be placed on either the
outside or the inside of the column. Placing the cover plates on the inside has the advantage of
reducing the overall depth of the column. Each column splice must be designed to carry axial
compressive forces, the tension (if any) resulting from the presence of bending moments and any
horizontal shear forces.
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The ends of the columns are usually prepared for full contact, in which case compressive
forces may be transmitted in bearing. However, it is not necessary to achieve an absolutely perfect fit
over the entire area of the column. Columns with saw cut ends are adequately smooth and flat for
bearing and no machining is required. This is because after erection the ends of the column bed down
as successive dead loads are applied to the structure. The cover plates provide continuity of stiffness
and are designed to resist any tension where the presence of bending moments is sufficiently high to
overcome the compressive forces in the column. Tension forces must be allowed for. The horizontal
shear forces that arise from the moment gradient in the column are normally resisted by the friction
across the bearing surfaces of the two columns and by the web cover plates. Wind forces on the
external elevations of buildings are normally taken directly in the floor slab. It is rare for column
splices in simple construction to transmit wind shears.

5.6.2 Ends not prepared for contact in bearing

Typical details for this type of column splice are shown in Figure 5.8. Both diagrams show
that the column above and below the splice is the same serial size. In this case the splice is
constructed using web and flange cover plates and where required packs are used to make up the
differences in the web and flange thickness. Where columns of different serial size are to be
connected multiple packs are necessary to take up the dimensional variations. For this type of splice
all the forces and moments are carried by the cover plates and no load is transferred through direct
bearing. The axial load in the column is normally shared between the flange and web cover plates in
proportion to their areas while any bending moments are normally carried by the flange cover plates
alone.
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Figure 5.8 Column splice with ends not prepared for bearing

Q&A 5.1 Bolt bearing resistance with respect to tolerances

Figure T.5.5 of the execution standard [ENV 1090-1] allows a tolerance of A = +5 mm for the
position of a group of boltholes. Should this variation be taken into account when calculating the
bearing capacity of a bolt group? For example:

Bearing capacity assuming 4 = £0 mm
The bearing capacity of a single bolt is given by the following expression:

Fb.Rd=2,5adzfu
Y a
Where for the above example:
d=12mm
d,= 13 mm

e;=12d=12x13=156mm
a=e;/3d,=156/(3x13)=04
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Bearing capacity assuming A = -5mm

Where for the same example:
d=12mm
d,= 13 mm
e;=12d-5=12x13-5=10,6mm
a=e/3d,=10,6/(3x13)=0272

Compared to the first example the second gives a capacity, which is 32% lower as a result of allowing
for the tolerance. Should a reduction in edge and end distances etc. be taken when calculating the
capacity of a connection?

Tolerances are not usually taken into account in the design of the connection. It is assumed
that the tolerances are small in comparison to the edge and end distances and that the reduction in
capacity is also small and can be accommodated by the partial safety factor.

Q&A 5.2 Angles connected by one or two bolts
How it is possible, that the tension resistance of the net section of an angle with one bolt is greater
than that with two bolts? See the simple example below.

Input data A =480 mm’
L50x5 t=5mm
d, =14 mm
e, =25mm
f, =510 MPa

According to ENV 1993-1-1 (clause 6.2.3) the tension resistance of the net section is checked:
for one bolt (See clause 3.10.3(2) and Table 3.8 in ENV 1993-1-8):

Ay =2(e,~05d,)t=2-(25-7)-5=180 mm’

Ay f, 180-510
u.Rd = = ]

Vo

N =73440 N

for two bolts: (See clause 6.5.2.3 and Table 6.5.1 in ENV 1993-1-8):
B, =04

Ay =P, Ay =B,(A~d,1)=04(480~14-5 )=164 mm’

Ay S, 164-510
Vi 125

N, . =66 912N
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Figure 5.9 Angle connected with one and two bolts

Numerous tests have been carried out on angles connected by one and two bolts. These tests
have shown that the resistance of an angle connected by a single bolt is higher than one connected by
two or more bolts. The reasons for this are unclear but is possible due to the additional moments that
are attracted by connection with more than one bolt.

Q&A 5.3 Rotation capacity
How do simple connections derive their rotational capacity?

Cleated connections derive their ductility from having reactively thin cleats (8 mm or 10 mm
thick) and bolts in the supporting member, which are at reasonable cross centres (/00 mm + beam web
thickness).

Similarly, it is usual to use relatively thin end-plates (8 mm or 10 mm) and bolt cross centres of 90 mm
or /40 mm to ensure that an end-plate connection has adequate flexibility and ductility to be classified
as a ‘simple connection’.

Ductility in a fin plate is achieved by ensuring a bearing mode of failure in either the fin plate
or beam web. This is usually achieved by adopting the following detailing requirements:

o the thickness of the fin plate or beam web is
<0,42 d (for S355 steel)
<0,50 d (for S275 steel), where d is bolt diametr,
e all end and edge distances on the plate and the beam web are at least 2 d
e 8.8 bolts are used, un-torqued and in clearance holes
o the fillet weld leg length is at least 0,8 times the thickness of the fin plate.
The rotational capacity of the beam to column connection may be very roughly assumed as the
rotation limited by thatching of the lower flange of the beam to the column.
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Q&A 5.4 Structural Integrity
What method should be used to determine the tying capacity of simple connections and what is the

background to this method?

Reference [SCI, 2002] gives a method for calculating the tying capacity of double angle web
cleat connection and flexible end-plate connections. The method for double angle web cleat
connections is based on the large displacement analysis of the cleats in tension [Carril et al, 1994]
using the deformed shape shown in Figure 5.10. The main features of this approach are:

o The potential magnitude of the displacement?; ignoring second order effects. Displacement &
defines the displaced geometry of the web cleats.

e These displacements reduce the eccentricities on the web cleats. Part of the tying force is
carried by tension in the legs of the cleats.

e There are four critical sections in each cleat, which are subject to high plastic stains under the
combined action of shear, tension and moment. Two are located at, or near, the bolt
centrelines; two are located at the tips of the radiused portion of the heel of the cleat.

A programme of tests was carried out to verify this approach the details of which are given in the
reference. Comparison between the method and the test results showed that the method gives an
adequate margin of safety.

~

B

Figure 5.10 Double angle web cleats under tension

Generally, it will be found that the tying capacity of a wed cleat connection is adequate. This
is because of its ability to accept large deformations before failure. However, if the connection is
unable to carry large tying forces, then extra capacity can be achieved by increasing the thickness of
the cleat and/or by reducing the distance between the bolt cross-centres in the support. In both cases
consideration should be given to the increase in the rotational stiffness of the connection.

Similarly the method for flexible end-plate connections is based on a large displacement analysis of
the end-plate in tension. The deformed shape of the end-plate is shown in Figure 5.11. The features of
this approach are:

e Considerable deformation can arise but only if there is rotation of the hinges at the toes of the
welds. These regions may well have suffered some embrittlement from fast cooling after
welding.

e These displacements do reduce the eccentricities within the connection but they do offer an
alternative membrane path for some of the tying force. However, this membrane restraint is
only available if the end plate is bolted to a more substantial plate or flange. For general
solution this membrane action has been ignored.
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e There are four critical sections in the plate. Since membrane action is being discounted these
need only be considered under moment. (Moment/shear interaction will exist but need not be
considered because the applied shear is only a small proportion of its shear capacity.)

Ultimate moment of plate

developed at toe of fillet
\ weld and edge of hole
A \

‘ Tie force
’ ; 1 I —»

Figure 5.11 End-plate under tension

Once again a programme of tests was carried out to verify this approach. Details of the tests
are given in reference [Jarrett, 1990]. Although the ratio of experimental capacity to calculated
capacity varied considerable the tests proved that the method is conservative. The reason for the
variability is not clear but may be due to the unquantified and variable membrane action.

The tying capacity of an end plate is generally lower than that of a web cleat connection or a
fin plate. The tying capacity can be as low as 35% of the connection’s shear capacity. For connections
to I-section columns the critical mode of failure will be the tension capacity of the end-plate. To
increase the capacity the solution will generally involve either increasing the thickness of the end-
plate or reducing the cross centre distance between the bolts.

In both methods because the analysis relies on gross deformations the prying forces
developed in the bolts are generally higher than methods based on the more traditional approaches.
Thus a simple design check is introduced for both connections that ensures that the nominal tensile
stress of bolts does not exceed its tensile resistance in interaction with shear acting forces.

The tying capacity of a fin plate connection can be determined by simple structural analysis.
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6 MOMENT CONNECTIONS

Moment connections are designed to transfer bending moments, shear forces and sometimes
normal forces. The design strength and stiffness of a moment connection are defined in relation to the
strength and stiffness of the connected members. The design strength of a moment connection may be
full- strength (i.e. the moment capacity of the connection is equal to or large than the capacity of the
connected member) or partial-strength (i.e. the moment capacity of the connection is less than that of
the connected member). Similarly the stiffness of a moment connection can be rigid or semi-rigid
compared to the stiffness of the connected member.

The rotation capacity of the structure may be provided by either the connection or the connected
member.

6.1 Development of the component method

In the past connections were designed as either pinned or rigid, full strength connections.
Considerable work on connection behaviour has been completed and the concepts of semi-rigid design
and partial strength design have been developed, which model more accurately the true behaviour of
connections. These models have been developed into a comprehensive set of design rules which have
been introduced into Eurocode 3 part 1.8 [prEN 1993-1-8, 2003]. These rules allow the designer to
calculate the strength, stiffness and deformation capacity of moment connections. The following steps
are required to design a moment connection:

e Determine the path of the forces through the connection. E.g. the tensile force in the top flange
of the beam shown in Figure 6.1 must pass through the fillet welds of the connected end plate,
the end plate in bending, the bolts in tension, the column flange in bending, the column web in
tension, the column web in shear and the column web in compression, in order to balance the
compression force coming from the beam compression flange. Furthermore the path of other
forces (e.g. the shear force from the beam) has to be determined in a logical way. Of course
the forces in the connection must be in equilibrium with the applied bending moment, shear
force and /or the normal force acting on the connection.

e Once the path of the forces is determined, the strength of every part or component of the
connection in this path must be calculated. The component in the chain with the lowest
strength governs the strength of the connection (e.g. the tensile force in the top beam flange).

e The stiffness of the connection depends on the deformations of the components in the path that
the forces follow. The deformation of each component gives the stiffness of the connection.

e The third important mechanical property of a connection is its deformation capacity.
Deformation capacity is usually provided by plastic deformation of one or more components.
If the strength of the connection clearly exceeds the strength of one of the connected members,
the designer can rely on the deformation capacity coming from the connected member, e.g. the
formation of a plastic hinge in the beam.

After the mechanical properties of all components have been determined, the various components can
be assembled to determine the strength, stiffness and deformation capacity of the whole connection.
The above method for the determination of the mechanical properties of the connection is called the
component method. Rules for calculating the strength, stiffness and deformation capacity of each
component are given in prEN 1993-1-8.

The principles of the component method are based on Zoetemeijer’s work [Zoetemeijer,
1983b]. Later, other researchers worked on this method to determine the mechanical properties of
more components and to refine the calculation methods, in order to obtain more accuracy in the
description of the mechanical behaviour. Furthermore many tests were carried out to validate many
different connection configurations. For further study see the references at the end of this publication.

The accuracy of the component method depends on the accuracy of the description of the
basic components and on the quality of the assembling process. It is assumed that the component
properties are independent. However, some components do not act independently, but influence
others. For hand calculation this can only be accounted for in a simplified way, because the general
approach results in a complicate iterative calculation procedure. This is not a problem for software. An
example of the components for a bolted beam to column connection is given in Figure 6.1.
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Figure 6.1 Components represented by springs in a bolted beam to column joint

6.2 Practical application of the component method

The component method allows the designer to analyse many different connection
configurations. It enables the design of more economical connections than the traditional design
methods based on tables (that could only be used for a limited number of connection configurations).
The component method is complex and requires considerable effort even for the simplest moment
connection. For practical application, therefore several computer programs have been developed,
which can quickly determine a connection’s mechanical properties. These computer programs can also
be used to examine the effects that small changes have on a connection’s strength, stiffness and
deformation capacity. It is noted, however, that before using such programs, the designer must check
that the software has been validated.

6.3 Determination of the connection’s strength, stiffness and rotational capacity

As indicated above, the properties needed for the global analysis of a structure are the bending
moment strength (resistance) M, 4, the deformation / rotational stiffness S; and the deformation /
rotational capacity ¢@c,. Figure 6.2 gives an example of a beam to column connection and its moment
rotational diagram. In tests, the first part of the moment rotational diagram (representing the stiffness),
is usually linear. However, the linear elastic curve deviates from its straight line at low bending
moments [Wald, Steenhuis, 1993]. This is due to local plasticity caused by stress concentrations and
residual stresses. In prEN1993-1-8 it is assumed that up to 2/3 of the calculated moment resistance the
behaviour is elastic, following the straight line determined by the calculated (initial) stiffness.

After reaching 2/3 of the moment resistance, the stiffness is reduced until the moment
resistance M, g, is reached. Rules are given in prEN1993-1-8, see also the question 6Q&A1.

Component - column web in tension MM, moment, kNm

1
; . Initial stiffness S; ;.
7 Connection Joint J j,ini
resistance | Experimental curve
wa | Xp Iu A4
=~ Components in tension Elastic 7~~~ '\ Design curve \
limit -+ ] )
. . 2/3 M ra Shape by stiffness ratio factor
N Components in compression

|
|
Componenet - web panel in shear } .
| Rotation, ¢, mrad

Component - olumn web in compression ) .
Deformation capacity ¢ ca

Joint
Figure 6.2 Basic components of a beam to column joint and the resulting moment — rotational
diagram
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The required deformation capacity (rotational capacity) of a joint depends on the type of the structure
(e.g. statically determined or statically indeterminate) and the method of global analysis for the whole
structure (elastic or plastic), but seldom this exceeds 60 mrad, see Figure 6.3.

The determination of the rotational capacity is qualitative. In prEN1993-1-8, deemed to satisfy
rules are given, e.g. if yielding of the column flange or end plate in bending or the column web panel
in shear governs the strength, then it is assumed that sufficient rotational capacity is provided. The
prediction of the available rotational capacity by the component method, based on the deformation
capacity of each component, is under development.

The column flange and the end plate in bending and the column web panel in shear are ductile
components. The bolts in tension and shear and welds are typical examples of brittle components.
Therefore, both modes of failure should not govern the strength of the connection. Such design will
lead to brittle connections and potentially unsafe structures.

In the evaluation of the rotational capacity, it is necessary to consider possible unfavourable

differences between the calculated strength and the actual strength of the component that is to provide
the rotational capacity.
Such deviations may be caused by a higher actual yield strength of the component material or a
difference in the actual dimensions or due to the calculation model underestimating the actual strength.
Therefore, in the analysis of the rotational capacity, the upper limit of the resistance of the component
to provide the rotational capacity, needs to be taken (for the calculation of the moment resistance M; g4
, the lower limit must be taken).

The rules to assure adequate rotational capacity for bolted and welded connections are
included in prEN 1993-1-8 as “deem to satisfy” criteria, e.g. the rules to limit brittle failure caused by
rupture of the bolts (mode 2 — bolt failure and plastic hinge in the plate, mode 3 — bolt failure) and
weld failure.

M ABendl’ng moment, kNm

Experimental curve
/\alinear model
M - 1
|
|
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|
|
|
|
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| .
: rotational
» capacity ¢p, !
| ‘ “Rotational
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| } lofljoint @
T 7 T
0 Ge Pu bc;  Rotation, mrad

Figure 6.3 Rotational capacity, design limit of resistance by brittle collapse of the second bolt row of
a beam to column end plate connection

Q&A 6.1 Stiffness Modification Coefficient  for End-Plate Connections

The values of the stiffness modification coefficient # given in prEN 1993-1-8 Table 5.2 do not cover
the full range of different end-plate connections that can be used. For example, do the values allow for
connections into the web of a column/beam, thin end plates vs. thick end plates, extended vs. flush
end-plates etc.? Please provide the background to this table.

To make an elastic global analysis according to clause 5.1.2, you may take into account a
stiffness, which is assumed to be the initial stiffness divided by the stiffness modification coefficient #,
see Figure 6.4. The coefficient # is given in prEN 1993-1-8 Table 5.2.
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Figure 6.4 Stiffness for global elastic analysis

The thickness of the end plates influences the initial stiffness of the connection but not the stiffness
modification coefficient 7.
o For beams connected to the web of an unstiffened column or beam, the stiffness modification
coefficient # is not relevant and these joints may be considered as hinges, see [Gomes, Jaspart,
1994] and [Gomes et al, 1994], for simplicity.
e For a continuous beam connected on both sides of the column web, see Figure 6.5a, the
connection can be considered as a ‘beam splice’ with longer bolts.
o If the beam is connected to a stiffened column web, see Figure 6.5b, the stiffeners between the
column flanges create a similar effect as a connection to the column flange.

a) beam splice b) beam to stiffened column web

Figure 6.5 Beam to column minor axis joints
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Q&A 6.2 Effective Length of Stiffened T-stub
Could you give the background information for the o curves used to calculate the effective length of a
T-stub and equations for a and its dependence on 4; and 4,?

The background to these rules is a mechanical model based on yield line theory. Details are
given in a TU-Delft report written by Zoetemeijer [Zoetemeijer, 1990]. (Note the a values in figure
2.12 of the Zoetemeijer’s publication need to be divided by 2 to compare with those given in the
Eurocode).

The parallel parts of the curves in Figure 6.12 of prEN 1993-1-8 correspond to the basic
equations in table 6.6. With the values of m;, m, and e, the values for A; and 4, can be determined
which give the value of a. The parallel parts of the curves L.; = a m; correspond to the basic equation:
Leyy=4m; + 1,25 e. In the study by Zoetemeijer, the value of a did not exceed 2 n. The curves for
o =7 and &8 are added in prEN 1993-1-8, see Figure 6.6. The curves for a constant value o as
illustrated in Figure 6.6, are given by the following equations:

incase A, <A, : /11=/T;+(1—/1j)(%)*% (6.1)
2
incase 1, >4,: 4,=2, (6.2)
where
A= a]—,—225,75 , (6.3)
i=2 jj . (6.4)

0,0 1 | | | | | | | -
0,0 02 0,4 0,6 0,8 /11

Figure 6.6 Values of a for stiffened column flanges and end plates
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Q&A 6.3 Haunched Connections
The current version of prEN 1993-1-8 does not contain rules of the design of portal frame haunched
connections. Could you recommend simple and safe rules or give a reference?

Two basic types can be distinguished: haunches designed to economise the rafter (inclination
of about 10%) and haunches used to increase the bending moment resistance of the connection (by
about 35%-40%). Similar questions arise in case of tapered built-up members. The component method
in prEN 1993-1-8 can be used for all joints that can be decomposed into a set of basic components.
This method can also be used for haunched connections.

There are two questions related to the component description and assembly of components in
the case of haunched connections: the influence of the inclination of the beam on the internal forces
and resistance of the beam flange and column web in compression, see Figure 6.7. The inclination
needs to be taken into account for the evaluation of the component properties of the column web
in compression and the end plate in bending (for welded connections, also of the column flange
in bending and the column web in tension).

I
Hp
| "N~
1 =R
\ M
s
| H a
4 n F./cos a F M=M,
I || e osabaisanans — A A Y=y cos g+ N,sina
\ Ss =ty / €O a F. N=N,cos a+ V,sin a
o
a) stiffened haunch with flange b) unstiffened haunch without flange

Figure 6.7 Typical haunched joints in portal frame

Precise details about haunches are given in Clause 6.2.4.7 of prEN 1993-1-8. If the height of
the beam including the haunch exceeds 600 mm, the contribution of the beam web to the compression
resistance should be limited to 20%. Reinforcing haunches should be arranged with the following
restrictions: the steel grade should match that of the member; the flange size and web thickness of the
haunch should not be less than that of the member; the angle of the haunch flange to the flange of the
member should not be greater than 45°; and the length of the stiff bearing s, should be taken as equal
to the thickness of the haunch flange parallel to the beam, see Figure 6.7.

Q&A 6.4 Diagonal and K-stiffeners
Does it matter whether a (diagonal) stiffener of a beam-to-column joint is loaded in tension or in
compression?

There is a difference in the resistance calculation of the stiffener. For a stiffener loaded in tension, the
cross section resistance should be checked. For stiffeners loaded in compression, plate-buckling
verification is required, see Figure 6.8. As a simplification, it is possible to use the following rules:

e The plate thickness of the stiffener should be the same size as the flange of the beam.

o The b/t ratio of the stiffener should be at least a class 3 cross section.
K-stiffeners are loaded in tension and in compression. Both aspects have to be checked as described
above.
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Figure 6.8 Plate buckling design of a web stiffener

Q&A 6.5 Yield line Patterns for End Plate Connection with Four Bolts in a Row
Can the method given in prEN 1993-1-8 be used for end plate connections with four bolts in a row?

The bolts al-a4 and b1-b4 near the beam flange under tension can be taken for the bending
moment resistance calculation, see Figure 6.9a. The bolts c2 and c¢3 could also be considered.
However, the bolts ¢l and c4 cannot be considered for the transfer of tension due to the limited
stiffness of the end plate. These bolts together with the bolt row d can be used to transfer the applied
shear forces.
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a) separation into bolts b) separation into T stubs in ¢) division of top bolt rows into

in tension and in shear tension separate T stubs
Figure 6.9 End-plate with 4 bolts in a row

Depending on the size of the end plate and bolt spacing, there are several possibilities for yield
line patterns for the bolts in rows a and b. The most likely pattern for the extended part of the end plate
(bolt row a) is given in Figure 6.10. Also bolts bl and b4 are assumed to develop the same yield line
pattern.

' ® ©® O o

— —

Figure 6.10 Assumed yield line pattern in the extended part of the end plate.

The logical approach using the T-stub schematisation is to divide the connection into T stubs
as given in Figure 6.9¢c. For each T-stub, the effective length based on the yield line patterns given in
prEN 1993-1-8, should be checked. Finally, the usual assembly of components can be applied to
determine the bending moment resistance of the connection.
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Q&A 6.6 Distribution of Forces in a Thick End Plate Connection

Is it permitted to use a plastic distribution of internal forces for a partial strength beam-to-column
connection if very thick end plates are used? If not, are there any criteria for the thickness that is
required for the elastic design?

The ratio of the strength of the end plate (column flange) to the strength of the bolts governs
the collapse mode. PrEN 1993-1-8 gives the following three collapse modes:

e Mode 1: Yielding of the end plate or column flange (4 plastic hinges in T-stub). This occurs if
the bolts are strong compared to the strength of the end plate or column flange.

e Mode 2: Bolt failure after partly yielding of the end plate or column flange (2 plastic hinges in
T-stub). This occurs if the bolts are weak compared to the strength of the end plate or column
flange.

e Mode 3: Bolt failure without yielding of the end plate or column flange. This occurs if strong
end plates or column flanges are applied and relatively weak bolts.

Because of the differences in the deformation capacity between bolt failure and plate yielding by
bending, Mode 1 is ductile and Mode 3 is brittle (no rotation capacity), see Fig 6.2.2 and tab. 6.2 of
prEN 1993-1-8.

Following the procedure given in prEN 1993-1-8, the designer will be warned if his design
results in Mode 3. This brittle mode of failure is usually not allowed because the rules for having
sufficient rotational capacity of the joint are not fulfilled.

However, if the moment capacity of the joint is designed to carry 7,2 times the moment capacity of the
connected beam, the necessary rotational capacity may be assumed to be supplied by the formation of
a plastic hinge in the beam.

The rotational capacity of the joint depends on the deformation capacity of the end plate as
well as that of the column flange, see Figure 6.11. If the column flange is thin, it will deform and
provide sufficient rotational capacity, see Figure 6.11c.

T — T ]

a) thick column flange and thick b) thick column flange and thin end c¢) thin column flange and thick end

end plate relative to bolt strength; plate relative to bolt strength; plate relative to bolt strength;

o clastic distribution of bolt e plastic distribution of bolt e plastic distribution of bolt
forces, forces, forces,

e no rotational capacity, e moment capacity determined e moment capacity determined

e design allowed provided: by the end plate, by the column flange,

M;ra > 1,2 My 4 peam then rotational e rotational capacity comes from e rotational capacity comes from

capacity will come from the beam the end plate. the column flange.

section (plastic hinge in beam).

Figure 6.11 Influence of column flange thickness and end plate thickness
on rotational capacity of the joint
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Q&A 6.7 Distribution of Shear Forces in a Bolted Connection
An end-plate connection is usually loaded by a moment and a shear force. How is the shear force
distributed over the bolts?

Any distribution of shear force between the bolts is allowed, provided that the conditions for
equilibrium and deformation capacity (ductility) are fulfilled. It is allowed to distribute the shear force
equally over all bolts, see Figure 6.12. The bolts loaded in tension and shear should be checked using
the following rules for combined tension and shear, see prEN 1993-1-8,

F ra
<10. (6.5)
L4 F

In general, however, the shear force is distributed over the bolts in the compression part of the joint.
The number of bolts needed equals the shear force divided by the shear capacity of each bolt. The
other bolts can be designed for tension only (in the tension zone).

Furthermore, to get sufficient deformation capacity, it is important that the capacity of the bolts in
shear is higher than the bearing capacity of the bolts in the end plate or the column flange.

Distributed Even

over bolts . distributed
n compresion over all bolts
zone

Figure 6.12 Example of distribution of shear forces in an end plate connection

Q&A 6.8 Prying Force of T-stub in Fatigue Design

The effect of prying of bolts is included in the formulae for the resistance of bolt rows. However, in
the case of fatigue, the effect of prying forces in the bolts should be known in order to verify the bolts.
How is this done?

In the case of fatigue, bolts should always be pre-tensioned. Transfer of the varying loads
should pass directly through a stiff contact surface and not via the bolts. This is illustrated in
Figure 6.13 and Figure 6.14.

A A
'HHE
Correct \,:IIII\I
EHE
v v

Figure 6.13 Wrong and correct detailing of a pre-tensioned joint,
the flow of the varying force through the joint is illustrated by dotted lines
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Figure 6.14 Test specimens and assembling of a T-stub

1\ Bolt force, TZF; A Bolt force, TZE 1\ Bolt force, f 2F,
B[ Bt % Bt
% % Prying
/ \F force /42 / v 2F,
100 kN 100 kN v 100 kN
/| : /|
Pretension | Pretension | Pretension |
force, F, : force, i, | force ,F, !
| |
| | |
45° : {{450 ‘ /%45 o
0 < [100KN 0 L/ 100N 0 00KN
0 T stub force Fi 0 T stub force Fi 0 T stub force F;
a) stud in centre b) studs at edges ¢) due to hot rolling/welding the

contact point is close to the centre

Figure 6.15 Test results of a T-stub, force in bolts Fy, T-stub force F,

In general, the force distribution through the joint is via the stiffest route. The force in bolt £
can be divided into a contact force F. and a tensile force F,. In all three cases the joint has been pre-
stressed with a force F,. By introducing an external tensile force 2 F; in test set-up a) the contact force
will be reduced by a force equal to F,. As long as F; is less than F), no cyclic load effect will occur in
the bolt. In the test set-up as indicated in b) the contact force does not change when an external force is
applied. This means that all cyclic load effects will appear in the bolt. Set-up c) shows the behaviour
when two flanges are connected without a contact plate but with a contact area near the web due to the
deformation of the plate caused by hot rolling or by the process of welding the end plate.
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Q&A 6.9 Joints Loaded by Bending Moment and Axial Force
What approach should be used to design a haunched connection, which is loaded by axial force and
bending moment?

There are two parts in this question, which will be discussed separately: What is the influence
of an inclination of the beam on the design of the joint? What is the influence of an axial load on the
moment resistance of a joint?

The rules in prEN 1993-1-8 only apply when the forces have been resolved in to their
horizontal (parallel) and vertical (perpendicular) components. The inclination of the beam causes the
geometry of the joint to change. The increase in level arm as a result of the inclination of the beam
should be taken into account.

The moment resistance of a joint loaded with an axial load can be determined from a linear
interaction line between My, and Ns,, as shown in Figure 6.16. The linear interaction line is found by
determining the extreme values of the moment resistance (Mg,) with no axial load and the axial load
resistance (Ngs) without bending moment. The design resistance of the joint should be checked using
the following equation

N My o, (6.6)
NRd MRd

In some cases this is a conservative approach, especially for non-symmetrical joints. An alternative
approach was developed, e.g. see [Jaspart et al, 1999], [Sokol et al, 2002]. In Figure 6.16 the point @
represents the maximum bending resistance; @ bending resistance in case of zero axial force; ®
maximum resistance in compression; @ resistance in compression in case of zero bending moment; ®
negative bending in case of zero axial force; ® maximum negative bending resistance; @ point of
activation of second bolt row; ® resistance in axial tension; @ point of activation of second bolt row.

i N Axial force, kN

i i A A Nra
L ‘\\ Prediction according to EN 1993-1-8

Prediction according
to component method

, Moment, kNm

©)

Figure 6.16 Moment — axial load interaction curve, prediction according to prEN 1993-1-8 is marked
by dotted line; the component method is marked as a solid line

I )
N

This approach is based on an extension of the component method used for base plates in prEN 1993-1-
8. Properties of the components should be evaluated in the same way as for joints without axial force
and are used in a modified assembly procedure to calculate the resistance and stiffness of the joint
[Sokol et al, 2002].

Two typical loading paths may be distinguished, see Figure 6.17. In the case of non-
proportional loading, the normal force is applied to the end plate connection in the first step, followed
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by application of the moment. In the case of proportional loading, the normal force and the bending
moment are applied simultaneously at a constant ratio between the moment and normal force. In the
case of non-proportional loading, the initial stiffness of the joint is higher than for non-proportional
loading. This effect is caused by the presence of the normal force, which keeps the end plate in contact
with the column flange at low bending moments. Therefore only the components in compression
contribute to the deformation of the joint.

Moment A
Mpy

Non-proportional loadin A Normal force

Proportional loading

Nonlinear part of the curve ]lz)r;)(ggglonal
Plasticity of the weakest component Non-proportional
‘ loading

. . . . Joint resistance
Bolt rows in tension, beam flange in compression

—~
L~ Moment

ey Ngy Both beam flanges in compression
] Sjini

>
Rotation

a) moment - rotational curve b) loading paths on the moment -
axial force interaction diagram

Figure 6.17 Proportional and non-proportional loading

The size and shape of the contact area between the end plate and the column flange are based on the
effective rigid area [Wald, 1995]. The position of the neutral axis can be evaluated from equilibrium
equations, taking into account the resistance of the tension and compression parts F,z; and F. gy
respectively, and the applied normal force Ng; and bending moment Mj,. Plastic distribution of internal
forces is assumed for the calculation, see Figure 6.18.
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Figure 6.18 The equilibrium in the joint

The simplified model takes into account only the effective area at beam flanges [Steenhuis, 1998] and
the effective area of the beam web is neglected, as shown in Figure 6.19. It is assumed that the
compression force acts at the centre of the compression flange. The tension force is located in the bolt
row in tension. In the case of two or more bolt rows in the tension part, the resistance of the part in
tension is obtained as the resulting force of the active bolt rows.
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Figure 6.19 The simplified model with the effective area at the flanges only

The forces represent resistances of the components in tension F, g, and in compression F.,zg, Fepra-

For simplicity, the model will be derived for proportional loading only. Using equilibrium equations,
the

the following equations may be derived from Figure 6.20a assuming eccentricity
e=Mgy /Ny <-z,.
Mo  Nuze o (6.6)
z z
and
Mg, Ny Zts_F'c. (6.7)
z z
. . M, M, . . .
Since the eccentricity e = N = N = const for proportional loading, equations (6.6) and (6.7) may
Sd Rd
be rearranged to
Frz
Ze bl
e
M, ., =min (6.8)
Forz
_Zu
e

When the eccentricitye =M, /N, > -z, , see Figure 6.20b, there is no tension force in the bolt row,
but both parts of the connection are loaded in compression. In this case, equation (6.8) needs to be
modified to give

M . ., =min (6.9)
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The rotational stiffness of the connection is based on the deformation of the components.
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b) both flanges in compression

a) bolts in tension
Figure 6.20 Mechanical model of the end plate

The elastic deformation of the components in tension and compression parts, see Figure 6.20a, may be

expressed as

MSd+NSd Z,
5: zZ 4 :Msd+NSch (610)
’ Ek, Ezk
MSd_NSdZt
M. —
R T S‘EZJZ&’Z', ©.11)

c.r

and the joint rotation is calculated as follows using the deformation of these components

j. 6.12)

t c

¢:5t+6c: 1 MSd+NSch+MSd_NSer
z EZ k k

The rotational stiffness of the joint depends on the bending moment, which is induced by the normal

force applied with constant eccentricity e

S = My, . (6.13)
' ¢
The stiffness is derived by substitution of the rotation of the joint (6.12) into equation (6.13)
2 2
S, = M, Ez __e Ez ’ (6.14)
Mg, +Ng e, L+L ete, Zi
k. k, k
where the eccentricity e, is defined as follows
(6.15)

o 2z ki
! k,+k,

The non-linear part of the moment-rotation curve may be modelled by introducing the stiffness ratio g,

which depends on the ratio y of the acting forces and their capacities
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u=(15yy">1. (6.16)

Assuming the lever arms z, and z. of the components are approximately equal to 4/2, i.e. one half of
the height of the connected beam, the factor y can be defined as

My, +05h Ny,

) (6.17)
M, +05hN,,
and by substituting for the eccentricity e, this can be simplified to
e+—
2 (6.18)

Y=
M, 2

Using the factor x4 the moment-rotation curve of a joint, which subject to proportional loading, may be
expressed by following equation

2
e Ez

S = .
e+e, ”Zé

J

(6.19)

Q&A 6.10 Stiffening of the Column Web Panel with a Morris Stiffener
Can the general rules for transverse stiffeners given in prEN 1993-1-8 be applied to Morris stiffeners?

When the resistance of the web is inadequate, web plates, diagonal or "K" stiffeners can be
used to increase its capacity. However, the Morris shear stiffener has been developed to resolve two
problems simultaneously — the shear capacity of the column web and the distortion of the column
flange.

/ may B
0 K= }
L~ L~ moz ‘
|
] | |
i
I — % X I 5
o~
a) diagonal stiffener, web plate, K stiffeners b) Morris shear stiffener

Figure 6.21 Shear stiffener of column web

Tests have been carried out to compare the Morris stiffening arrangement with traditional
ways of stiffening and the experimental results show that the Morris shear stiffener is structurally
efficient. It has better initial stiffness and post-yield performance when compared to ‘K’ stiffeners.
Furthermore, it is economic to manufacture and it overcomes the difficulties of bolt access associated
with the other stiffeners. It is particularly effective for use with UB sections used as columns, but it is
difficult to accommodate in smaller UC sizes. The horizontal portion carries the same forces as
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a tension stiffener at the same location. The length should be sufficient to provide for bolt access
(about 100 mm). The diagonal portion should be designed as a diagonal stiffener as follows: The area
of the stiffeners A, =2b,¢ is given for the thickness of the stiffener ¢ and the width of

the stiffener on each side by, by

Fv - Fv w,Rd
> (6.20)
Sy cosO

where F, is the applied shear force, F,,,zs 1s the resistance of the unstiffened column web panel, f,; is
the lower design strength of stiffener or column and € is the angle of the stiffener from the horizontal.

The welds connecting the diagonal stiffeners to the column flange should be fill-in welds with
a sealing run providing a combined throat thickness equal to the thickness of the stiffener. Welds
connecting the horizontal part of the Morris stiffener to the column flange should be designed
to provide a net throat thickness equal to 4, =2 b, ¢, given by

sn s

| F,
4 Zﬂ( Fo T j (6.21)

sn
fyd m +m, m;+my

where m; is the distance from the centre of the bolt to the root radius, m;; is the distance from the edge
of the stiffener to the centre of the lower bolt row, m,y is the distance from the edge of the stiffener
to the centre of the upper bolt row, F}; is the tension force in the upper bolt row, F),; is the tension force
in the lower bolt row and f,, is the design strength of the stiffener or the column (the lesser of the two).
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7 COLUMN BASES

A column base consists of a column, a base plate and an anchoring assembly. In general they
are designed with unstiffened base plates, but stiffened base plates may be used where the connection
is required to transfer high bending moments. The column base is usually supported by either
a concrete slab or a sub-structure (e.g. a piled foundation).

prEN 1993-1-8: 2003 includes rules for calculating the strength and stiffness of column bases.
The procedure is applicable to columns of both open and closed cross sections [Wald et al, 2000].
Further column base details may also be adopted, including base plates strengthened by adding steel
elements and embedding the lower portion of the column into a pocket in the concrete foundation.
The influence of the support of the concrete foundation, which may be considerable in certain ground
conditions, is not covered in prEN 1993-1-8: 2003.

Anchor bolts in tension and / \
bending of the base plate m |
L T N N — L/

/ \ N I
| | Column flange and web in compression
\ I
. /
. Y __
N g .
Y

| Concrete in compression and bending
/ of the base plate
[ I

Optional stiffener ) / _ :’ : S
$ R $ $ / ! | \
fL on both sides ¥ . o : I : ‘
@ ® o R
a) bolts inside the base plate b) bolts outside the base plate (with optional stiffener)

Figure 7.1 Typical column base assembly and the selection of components

The traditional approach for the design of pinned bases results in a base plate thickness
of sufficient stiffness to ensure a uniform stress under the base plate and therefore the base plate can
be modelled as a rigid plate [DeWolf, 1978]. The traditional design of moment-resisting column bases
involves an elastic analysis based on the assumption that the sections remain plane. By solving
equilibrium equations, the maximum stress in the concrete foundation (based on linear stress
distribution) and the tension in the holding down assembly may be determined. Whilst this procedure
has proved satisfactory in service over many years, the approach ignores the flexibility of the base
plate in bending (even when it is strengthened by stiffeners), the holding down assemblies and the
concrete [DeWolf, Ricker, 1990]. The concept, which was adopted in prEN 1993-1-8: transfers the
flexible base plate into an effective rigid plate and allows stress in the concrete foundation equal to the
resistance in concentrated compression [Murray, 1983]. A plastic distribution of the internal forces is
used for calculations at the ultimate limit state.

The component method similar to method for beam-to-column joints is used for the
calculation of stiffness [Wald, 1995]. The component approach involves identifying the important
parts of the connection, see Figure 7.1 [Wald et al, 1998], called components, and determining the
strength and stiffness of each component. The components are assembled to produce a model of the
complete arrangement.

The rules for resistance calculation of column bases are included in prEN 1993-1-8: 2003
Chapter 6.2.6 and rules for stiffness calculation are given in Chapter 6.3.4. Methods for transferring
the horizontal shear forces are given in Chapter 6.2.1.2. Classification boundaries, see [Wald, Jaspart,
1999], for column base stiffness are included in Chapter 3.2.2.5.
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Q&A 7.1 Elastic Resistance of a Base Plate

Why is the resistance of a base plate based on its elastic properties?

By limiting the deformations of the base plate to the elastic range a uniform stress under the
base plate may be assumed, see Figure 7.2. It also ensures that the yield strength of the base plate is
not exceeded. The effective bearing area of a flexible base plate is based on an effective width c.

|

Figure 7.2 Finite element model of base plate T stub and concrete block in compression, undeformed
and deformed mesh and the principal stress in concrete [Wald, Baniotopoulos, 1998]

s

APl P ==

Figure 7.3 Engineering model of the base plate

The elastic bending moment resistance per unit length of the base plate should be taken as
, 1
w=teg, (7.1)
and the bending moment per unit length [DeWolf, Sarisley, 1980], acting on the base plate
represented by a cantilever of span ¢, see Figure 7.3, is

1
M= (7.2)

where f; is concrete bearing strength. When these moments are equal, the bending moment resistance
of the base plate is reached and the formula for evaluating ¢ can be obtained from

L o 1
—f ==t 7.3
S he =gl (1.3

/ /,
L 7.4
=t 37 Vo 74
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Q&A 7.2 Base Plate Resistance with Low Quality Grout

In prEN 1993-1-8, the joint coefficient f; is taken as 2/3 when the grout has at least 20% of the
characteristic strength of the concrete foundation. What value should be taken when the strength of
the grout is smaller?

The influence of low quality grout has been studied experimentally and numerically. It was
found that the thin layer of grout does not affect the resistance of the concrete in bearing. It is
expected that the grout layer is in three-dimensional compression, i.e. the grout between the concrete
and the base plate, is similar to a liquid.

Most of the mortars have a higher resistance compared to the material of the concrete block
[Stark, Bijlaard, 1988]. In such cases, the grout layer may be neglected. In other cases, the bearing
resistance can be checked, assuming a distribution of normal stress under the effective plate at an
angle of 45°, see Figure 7.4. Where the thickness of the grout is more than 50 mm, the characteristic
strength of the grout should be at least the same as that of the concrete foundation [prEN 1993-1-8:
2003]. Further information is given in Q&A 0.3.

Figure 7.4 The stress distribution in the grout

Q&A 7.3 Comparison of Concrete Strength Calculation according to EC2 and EC3

It seems the results from calculating the bearing strength of a column base f; are the same as those
given in prEN 1992-1-1.

According to prEN 1992-1-1 the strength is

A
AC] <334, f.-

c0

Fraw =400 .fcd

According to prEN 1993-1-8 the maximum value for £; is 5,0. For this value we get a value of

2
fi=33Ja=3331a

The result is the same as given in prEN 1992-1-1, however the methods are different. Is there any
background information on this?

PrEN 1993-1 — Design of concrete structures and prEN 1993-1 - Design of steel structures,
solve the same problem of the bearing resistance of concrete loaded by a steel plate. The bearing
resistance is limited by crushing of the concrete [Hawkins, 1968a,b]. The technical literature
concerned with the bearing strength of the concrete block loaded through a plate may be treated in
two broad categories. Firstly, investigations focused on the bearing stress of rigid plates, most of the
research concerned pre-stressed tendons. Secondly, studies were focused on flexible plates loaded by
the column cross section, resulting in transfer of the load only by a portion of the plate.

The experimental and analytical models include ratios of concrete strength to plate area,
relative concrete depth, and location of the plate on the concrete foundation and the effects of
reinforcement. The result of these studies on foundations with punch loading and fully loaded plates
offers qualitative information on the behaviour of base plate foundations. Failure occurs when an
inverted pyramid forms under the plate. The application of limit state analysis on concrete includes
three-dimensional behaviour of materials, plasticization, and cracking. Experimental studies [Shelson,
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1957; Hawkins, 1968, DeWolf, 1978] led to the development of an appropriate model for column
base bearing stress, which has been adopted by current codes. A separate check on the concrete block
is necessary to calculate shear resistance, bending and punching shear resistance of the concrete block
according to the block geometry and detailing.

2éf//fcd

g A Calculation
% o Experiments
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o
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Figure 7.5 Relative bearing resistance - base plate slenderness relationship,
calculation and experiments [DeWolf, 1978], [Hawkins, 1968a]

The influence of a flexible plate was solved by the introduction of the equivalent rigid plate
[Stockwell, 1975]. This assumption reflects realistic non-uniform stress distribution with maximum
pressure following the profile shape. The model is validated by tests. In total, 50 tests were examined
to check the concrete bearing resistance [DeWolf, 1978; Hawkins, 1968a]. The size of the concrete
block, the size and thickness of the steel plate and the concrete strength were the variables. The test
specimens consist of a concrete cube of size from /50 to 330 mm with a centric load acting through a
steel plate. Figure 7.5 shows the relationship between the slenderness of the base plate, expressed as a
ratio of the base plate thickness to the edge distance, and the relative bearing resistance. The bearing
capacity of test specimens at concrete failure is in the range from 7,4 to 2,5 times the capacity
calculated according to prEN1993-1-8 with an average value of ,75.
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700 - t= Calculation Experiments
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3,05 mm ¢ e
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889mm _e N
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Figure 7.6 Concrete strength - ultimate load capacity relationship [Hawkins, 1968a]

This simple and practical method was modified and checked against the experimental results,
[Bijlaard, 1982], [Murray, 1983]. It was also found [DeWolf and Sarisley, 1980] that the bearing
stress increases with the eccentricity of the normal force. Where the distance from the plate edge to
the block edge is fixed and the load eccentricity is increased, the contact area is reduced resulting in
an increase of the bearing stress. In the case of crushing of the concrete surface under the rigid edge,
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it is necessary to apply the theory of damage. This is not acceptable for practical design and
determines the boundaries of the analysis described above.

The influence of the concrete strength is shown in Figure 7.6. 16 tests with similar geometry
and material properties were selected from the experimental programme carried out by Hawkins
[Hawkins, 1968a]. The only variable was the concrete strength and strengths of 79, 37 and 42 MPa
were used.

Q&A 7.4 Stress Concentration under the Base Plate

Please, provide background documentation to justify using a value of f;, which can lead to values of f;
more than /0 times higher than the characteristic strength of the grout. According to prEN 1993-1-8,
the maximum value for £; is 5,0 for a square base plate. For this maximum value we get the maximum
value of f;=2/3*5%, = 3,33 f.4. It is recommended to use a joint coefficient of f; = 2/3, when the
characteristic strength of the grout is not less than 0,2 times the characteristic strength of the concrete,
therefore the lowest strength of the grout is f.;,=3,33*/.4/ 0,2 = 16,66 f...

The resistance of the grout and the concrete block in compression is limited by crushing
of the grout or concrete under a flexible base plate. In the engineering models used, the flexible base
plate is replaced by an equivalent rigid plate. The equivalent plate is formed from the column cross-
section increased by a strip of effective width ¢, see Figure 7.7 [prEN 1993-1-8: 2003]. The bearing
resistance of the concrete foundation represents a 3D loading condition for the concrete. In this case,
the experimental resistance was about 6,25 higher than compression resistance of the concrete. The
calculation of the concrete bearing strength f; is reflected in the standard prEN 1993-1-8 by use of
a stress concentration factor k; with a maximum value of 5,0 for a square base plate. The bearing
resistance of the base plate F_ . is calculated from

a+2a,
) Sa
a, =min . ,2a, (7.5a)
5b,
b+2b,
, 5b
b, =min btk , b, 2b, (7.5b)
Sa,
b
k, = “C'l - (7.6)
2 k/ fck
TS T 7.7
A (7.7)
c=t f; , (7.8)
3137 w0
F o= Aq[f f, . (7.9)

The effective area A4 is described in Figure 7.7. The grout quality and thickness is introduced by the
joint coefficient f;. For f; = 2/3, it is expected that the characteristic strength f;;, of the grout is not
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less than 0,2 times the characteristic strength of the concrete foundation fi (fore <0,2 fr) and the
thickness of the grout is #, <0,2 min(a; b). In the case of a lower quality or thicker layer of the grout,
it is necessary to check the grout separately. This check should be carried out in the same way as for
the resistance calculation for the concrete block.
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l b, _neutral axis /| | M—
a) Ssymbols effective area under the flexible base plate
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Figure 7.7 Concrete foundation

Q&A 7.5 Effective Length of a Base Plate T-stub
Can the table with effective lengths for end-plate connections be used for base plates?

The effective length of a T-stub in tension is affected by the failure mode of the T-stub. The
T-stubs in a base plate are similar to T-stubs in an end plate beam to column joint, but the failure
modes may be different. This is because of the long anchor bolts and thick base plate compared to an
end plate. This usually results in uplift of the T-stub from the concrete foundation and therefore
prying of anchor bolts is not observed, see Figure 7.8. This results in a new collapse mode called 1*.
The resistance of the T-stub without contact with the concrete is

2L, m
 =—L M (7.10)
m
where my, g4 is plastic bending moment resistance of the base plate of unit length. The relationship of
failure mode 1* and failure modes of T-stub with contact is shown on Figure 7.9, B, z; where design
resistance of bolt in tension.
T F
m

N

N
\
27,

o-011 F1o-0

Figure 7.8 T-stub without contact with the concrete block

n
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Figure 7.9 Failure mode 1* for the T-stubs of column base

The boundary between the modes with and without contact may be found from an analysis of elastic
deformations of the T-stub. It can be expressed in several ways, for example as the limiting bolt
length L, ;.. No contact and prying of the anchor bolts occurs for bolts longer than L, j;,,. The limit is

, _882m'4, <

bim =3 >L,,, (7.11)

eff

where 4; is the bolt area and L, is the free length of the anchor bolt, see Figure 7.10, where ¢, is the
nut height. For bolts embedded in the concrete foundation, the length L, may be assumed to be the
length above the concrete surface L, and the effective length of the embedded part estimated as
Lbe =8 d, c.g. Lb = Lbf‘f‘ Lbe [Wald, 1999]

jn/z
o] (/2 Ly

Figure 7.10 Free length of bolts embedded in concrete foundation

The effective lengths of the T-stub L4 of a base plate, see Figure 7.11, are summarized in Table 7.1
and Table 7.2.

a) bolts outside the column flanges b) bolts inside the column flanges
Figure 7.11 Dimensions of base plate with bolts inside and outside the column flanges
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Table 7.1 Effective lengths for a T-stub of base plate with bolts outside the column flange

L,=2m +0,625¢ +0,5p
L;=2m_+0,625e +e

Li=nrm +2e

Prying occurs No prying
L=4m +125e, L=4m +125e,
L,=2nm, L,=47rm,
L,=05b L,=05b

L,=2m +0,625e +0,5p
L;=2m +0,625e +e
Li=2rm +4e

L=nm +p L=27rm +2p
L, =min(L,;L,;L,;L,;Li;L L) Ly, =min(L;L,L,;L;L;L;;L,)
L, ,=min(LL,L, L) L, ,=min(L,L,L,Ly,)

Table 7.2 Effective lengths for a T-stub of base plate with bolts inside the column flanges

Prying occurs

No prying

L=2am—(4m+125e)

L=2am—(4m+125e)

L,=2rm L,=4nm
L, ,=min(L;L,) L, ,=min(L,L,)
Ly,=1, Ly,=1,

Q&A 7.6 Base Plates with Bolts outside the Column Flange

The tables for calculating the effective width of a T-stub include cases where all the bolts are placed
within the width of the column flange. Can these formulas be used when the bolts are placed the
column flanges?

The yield line patterns for plates with bolts placed outside the width of the column flanges
were studied by Wald [Wald et al, 2000]. The formulas in the tables for beam to column joints need to
be extended to include an additional pattern.

a) yield line pattern

b) position of bolt by different failure modes
Figure 7.12 Base plate with bolts outside the column flange width
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The position of the bolt is described by its coordinates x and y. The yield line is a straight line
perpendicular to a line passing through the bolt and the corner of the plate. The angle « represents
deviation of the yield line and c is the minimal distance from the corner of the plate to the yield line.
Yield line theory together with the principle of virtual energy can be used to determine the parameter
c. The internal energy of the yield line is

W,=m, (ieriyJ. (7.12)
y X

The external energy is

W,=F,§, (7.13)

e

The internal and external energy should be equal, therefore

m, [§x+£y]=Fp,§. (7.14)

The virtual displacement O represents deformation of the plate at the bolt position, see Figure 7.12,
and is equal to

2 2
s=N* TV (7.15)

c

Substituting the displacement 4 into the previous equation

2 + 2 2 2
P (u} (7.16)

pl

c Xy
and
x’+y°
F,=m,c——0, (7.17)
Xy
aF x2+ 2

=const . (7.18)

Therefore, the effective length L. is equal to
2 + 2

L= 2TV (7.19)
Xy

Five yield line patterns may be observed at the corner of the column, see Table 7.3, [Wald et al,

2000]. Assuming there is no contact between the edge of base plate and the concrete surface, than
prying of the bolts does not exist.
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Table 7.3 Calculation of the effective length of a T-stub, Cases I to 3

Case 1 Case 2 Case 3
Wext:Fpl5 Wext:Fp15
Wex :F15 _ —
b 5:w 5_\/(b—bc)2+(a—ac)2—2\/eaz+eb2
a-a, = > >
(b_bc) +(a_ac)
W, =4dxm, o b
" " Wine =My _ Wine = mp) CayS
a ac eb ea
Fpl:472'mp] Fpl:mpl; F[:@ e_a+e_b
a—-a,—2e, p 5 le e,
a-a,
m= P —e,
b —a,f +(b-b.)
Le__ff.1=7rm Leffzzz Leﬁ,sz\/(a a") +( “) e—"+e—b
v 8 e, e,

The Cases 4 and 5 are similar to Cases 2 and 1, respectively. The results of the FE simulation are
shown at Figure 7.13.

- .- 4'.' e
T — it

Figure 7.13 Finite element simulation of yield line patterns, the mesh, different yield patterns for
variable position of the anchor bolt on the base plate

Q&A 7.7 Slip Factor between Steel and Concrete
What is the slip factor between steel and concrete?

In prEN 1993-1-8: Clause 6.2.1.2 [prEN 1993-1-8: 2003], the coefficient of friction between
the base plate and ground layer is given. A value of Cy; = 0,20 is used for sand-cement mortar and a
value of Cr,; = 0,30 for special grout.

CEB Guide [CEB, 1997] and [Eligehausen, 1990] suggests that a friction coefficient of 0,4
may be used when a thin layer of grout less than 3 mm is used. In this case, a partial safety factor for
the ultimate limit state j, = 1,5 should be used.
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Q&A 7.8 Transfer of Shear Forces by Anchor Bolts

Can anchor bolts be used to transfer horizontal forces into the concrete foundation?

Horizontal shear force in column bases may be resisted by: friction between the base plate,
grout and concrete footing; shear and bending of the anchor bolts; a special shear key, for example
a block of I-stub or T-section or steel pad welded onto the bottom of the base plate; direct contact, e.g.
achieved by recessing the base plate into the concrete footing, see Fig. 7.14 [Nakashima, 1998]. In
most cases, the shear force can be resisted through friction between the base plate and the grout. The
friction depends on the minimum compressive load and on the coefficient of friction. Pre-stressing the
anchor bolts will increase the resistance of the shear force transfer by friction. In cases, where the
horizontal shear force cannot be transmitted through friction between the base plate and the grout due
to absence of normal force, the anchor bolts will transmit shear forces or other provisions need to be
installed (e.g. shear studs).

a) friction between the  b) shear and bending  c¢) a special shear key  d) direct contact, e.g.

base plate, grout and of the anchor bolts achieved by recessing
concrete footing the base plate into the
concrete footing

Fig. 7.14 Transfer of horizontal shear force in base plate

The transfer of shear forces by anchor bolts has been good practice in the USA for many
years [DeWolf, Ricker 1990]. The bolt holes in the base plate are designed to have clearance as
recommended to accommodate tolerance of the bolt position. The design is summarized in CEB
document [CEB, 1997]. It is assumed that the anchor bolts will act as a cantilever of span equal to the
thickness of the grout increased by 0,5 d. When rotation of the nut is prevented by the base plate, the
span is reduced to L/2, see Figure 7.15.

Figure 7.15 Model of anchor bolt in bending, see [CEB, 1997]

In the model of the resistance, described in EN 1993-1-8: 2003, it is assumed the anchor bolts
will deflect, which allows the development of a tensile force in the bolt and compression in the grout,
see Figure 7.16. This prediction is based on experimental and analytical work by Bouwman
[Bouwman et al, 1989]. The design procedure is simplified for practical application and is limited to a
shear check.
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a) notation b) forces, ¢) force deformation diagram
Figure 7.16 Behaviour of an anchor bolt loaded by shear

Q 7.9 Transfer of Shear Forces by Friction and Anchor Bolts
Is it safe to add the friction resistance to the bearing resistances of all the anchor bolts, as clearances
in anchor bolt holes are large?

The shear force model used in prEN 1993-1-8: Clause 6.2.1.2 [prEN 1993-1-8: 2003] is based
on the assumption that the bolts loaded by a shear force bend, which results in the development of
tension in anchor bolts, see Figure 7.16. The resistance of bolts in bending is small, therefore plastic
hinges may form in the bolts. This activates hardening effects of the ductile bolt material, see
Figure 7.17. Only the anchor bolts in the compressed part of the base plate may be used to transfer
shear force. The shear resistance then consist of the friction resistance at the concrete-base plate
interface and the reduced tensile resistance of the bolts

Forg =Forg ¥0F (7.20)
The resistance of the bolts in bearing in the concrete block and in the base plate should be checked
separately.
iNc,Sd £
é‘v hole
Foas,pl g, con s
—J K. 7 Friction resistance _

; ] fRd

Figure 7.17 The friction resistance and in tension resistance of anchor bolt

Q 7.10 Anchorage rules for Holding Down Bolts
Proper anchorage is the most important criteria for the design of holding down bolts but it is not dealt
with in prEN 1993-1-8. What rules should be used?

The rules in prEN 1993-1-8: Table 3.2 for tension resistance of bolts can be used for all steel
grades including anchor bolts [Wald, 1999]. The bolt force Ns, should satisfy

09 4, f,
Ny SF =5, Ju > (7.21)

Mb
where A, is net area of the bolt, £, is the ultimate strength of the bolt, 5, is partial safety factor for
bolted connections and S, is the reduction factor for cut treads. The factor £, = 0,85, if applicable.

Different anchoring types can be used, for example cast-in-situ headed anchors, hooked bars,
anchors bonded to drilled holes, undercut anchors, see Figure 7.18 [CEB, 1994]. Anchoring to grillage
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beams embedded in the concrete foundation is designed only for column bases loaded by large
bending moment, because it is very expensive. Models of design resistance of anchoring compatible
with Eurocode were published in CEB Guide [CEB, 1997] based on Eligehausen [Eligehausen 1990].
It is required to verify the following failure modes of single anchor bolt:

o steel failure

N, <N ., <N, = A S 7.22
Sd — *VaRd — Rd,s — ’ ( . )
7 vp
e pull-out failure
N,<N . <N, = Nowy 7.23
Sd — a,Rd — Rd,p — > ( . )
Mp

e concrete cone failure

N
Ny EN, @ SNy, =—2<, (7.24)
Me
e and splitting failure of the concrete
Ny .
Ny SNy = —r (7.25)
Msp

Similar verification is required for group of anchor bolts.

1

I N
= J I -
b) c)

a) d) e) f)
Figure 7.18 Types of anchor bolts, a) cast-in-situ headed anchor bolts, b) hooked bars, c) undercut

anchor bolts, d) bonded anchor bolts, e) grouted anchor bolts, f) anchoring to grillage beams

Z,

e WV p L

Figure 7.19 Geometry of cast-in-situ headed anchor bolt

Calculation of the design resistance of anchoring by cast-in-situ headed anchor bolts, see Figure 7.19,
loaded by tension force is included in the following parts: The pullout design resistance can be
obtained as

A
Ny, =250 (7.26)
Mp
where p; for non-cracked concrete is taken as
Py =110 f, (7.27)

and A, is the bearing area of the anchor head for circular and square anchor head

2 2
4 =7 ¢ -a’) (7.284)
4
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A, =a’ —7x dj : (7.28b)

The concrete cone design resistance, see Figure 7.20, is given by

A
NRdc_NI(?)dc CNY} y/ecN y/reN SchrN’ (729)
c,N
where
k 0,5 h15
Nzk,c = f‘ (7.30)
}/Mc

is the characteristic resistance of a single fastener. The coefficient k; = 11 (N/mm)"’ could be taken
for non-cracked concrete. The geometric effect of spacing of anchors p and edge distance e is
included in the area of the cone, see Figure 7.20, as

AcN pcrNZ’ (7313)
Ac,N :(pcr,N +p1)(pcr,N+p2)5 (731b)
Ac,N = (e + 0’5pcr,N )pcr,N * (73 lc)
Width of the concrete cone can be taken approximately
Poy =30 hy (7.32)
0.5p,n @ @
Py @ D er.'\r]i (®)
gO O
Py | P, | | 0,5 Py Le 0,5 Py
1 11
\l Q \I I X 2
a) individual anchor b) anchor group ¢) single anchor at edge

Figure 7.20 Idealised concrete cone

The disturbance of the stress distribution in the concrete can be introduced by using the parameter ¥; v

W =07+03—-<1. (7.33)
ecr,N

This parameter ¥,y is introduced to take into account the effect of a group of anchors. It is used for

small embedded depths (A, <100 mm). The resistance is increased for anchoring to non-cracked

concrete by the parameter ¥,y = 1,4. The splitting failure for the in-situ-cast anchors is prevented if

the concrete is reinforced and the position of the anchors is limited. Spacing of the anchors should not

exceed

o =5d,; 50mm), (7.34)
the edge dlstance should be larger than
e,, =(3d,; 50 mm) (7.35)
and height of the concrete block, should not be smaller than
By =hy +1, +Cy, (7.36)

where cgis the required concrete cover for reinforcement.

For fastenings with edge distance e > 0,5 h.sin all directions, the check of the splitting failure
may be omitted. The detailed description of the design resistance of different types of fastenings
loaded in tension, shear and a combination of tension and shear forces is included in CEB Guide
[CEB, 1994].
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8 SEISMIC DESIGN

8.1 Principles

Steel moment frames are widely used for seismic loading. The seismic resistance and
behaviour of these frames were highly regarded in USA and Japan prior to the Northridge and Kobe
earthquakes. Unfortunately, some steel frames showed damages during these earthquakes, and today
engineers are trying to better understand these structures. The unexpected damage effectively
invalidated the then-existing design and construction procedures for pre-qualified beam-to-column
connections. An extensive research programme was developed to gain a better understanding of why
moment connections in special moment resisting frames performed poorly during the earthquake.
There is consensus that numerous factors must have contributed to the observed failures including
factors that pertain to welding detailing, and design practice that were prevalent prior to the
earthquakes.

Detailing practices that appear to have played a role in the earthquake fractures include details
that resulted in the development of large stress concentrations, excessive local ductility demands and
high tri-axial restraint at the beam-to-column interface.

Poor welding practices include the common use of low toughness weld metal and insufficient
quality control. Design practices suspected to have contributed to poor performance include the use of
significantly larger members and connections than had previously been tested and the development
and use of design provisions than can result in excessively weak panel zones. The standard
prEN 1993-1-8 includes rules to determine the strength and stiffness of the steel joints. The influence
of the seismic or dynamic loads, which may be considerable in seismic areas, is not covered. Steel
structural joints designed for seismic zones must satisfy the following basic conditions:

e over-strength demand;
o ductility demand (rotation capacity);
¢ robustness demand (reliable detailing together with material behaviour).

8.2 Design criteria

The research leading to the development of design guidelines for new moment resisting steel
frame buildings are based on a significant literature search and new analytical and laboratory research
on seismic demands, base materials, welds, and fracture mechanics, as well as on full scale and
subassembly testing of actual connections. In addition, the study results in new, more rigorous,
requirements for quality control of materials and fabrication processes.

In the USA, the guidelines cover designs for frames with different anticipated seismic
demands as permitted by the 1997 NEHRP Provisions [BSSC, 1997] and the AISC Seismic
Provisions [AISC, 1997], namely Ordinary Moment Resisting Frames (OMRF), Intermediate Moment
Resisting Frames (IMRF), and Special Moment Resisting Frames (SMRF). The three frame types are
required to be qualified for plastic rotation capacities of 0,01, 0,02 and 0,03 radians respectively and
connections can be either fully restrained (FR), or partially restrained (PR). The guidelines provide
recommendations for the selection of the appropriate system, for redundancy, for system analysis, for
frame design issues, and for the design of suitable connections to meet the anticipated rotation
demands of the system selected.

Moment frame performance is a function of many interrelated factors and design
relationships, which affect the overall frame performance, as well as, in some cases, the connection
performance. Recent studies are intended to determine the effects and importance of, and lead to
guidelines for, the following:

Strong Column/Weak Beam design principle;

Panel zone strength;

Connection strength and degradation characteristics;

P-effects;

Member local buckling.

Connection design guidelines are broken into certain issues generic to most or all connection design
and specific design guidelines for the connection types determined to be pre-qualified. The following
connection design conditions are considered to be generic, that is, they are conditions which, when
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they occur in a connection, are considered to perform in a similar way, or at least to have the same
requirements for successful performance, irrespective of the connection type being used.
Welded Joints:
Through-Thickness Strength;
Base Material Notch-Toughness;
Weld Wire Notch-Toughness;
Weld backing and Run out Tabs;
Reinforcing Fillet Welds;
Cope Hole Size, Shape, Workmanship.
Bolted Joints:
e Bolt Sizing, Hole Type, Tightening;
e Net Section Strength.

In Europe, prEN 1993-1-8 gives the steel joint characteristics, as follows:

The moment resistance of a joint M; g, should be determined from prEN 1993-1-8 for welded
or bolted connections.

The rotational stiffness of a joint S; should be determined from the flexibilities of its basic
components, each represented by its elastic stiffness coefficient ;. Provided that the axial force Ng; in
the connected member does not exceed 10% of the resistance N, s of its cross-section, the rotational
stiffness S; of a joint, for a moment M; g, less than the moment resistance M;z; of the joint may be
obtained with sufficient accuracy from:

g = EzZ’

J ]
42

(8.1)

Only some provisions concerning the Rotation capacity of steel joints are given in prEN 1993-1-8,
and insufficient for a realistic evaluation of the rotational capacity of a joint, especially for a seismic
analysis, where rotational capacity is very important. Other important provisions concerning steel
joints subject to seismic loads are given in Eurocode 8.

8.3 Beam-to-column typologies
In USA the FEMA/SAC test programmes provided sufficient data to permit reliable design

guidelines to be developed for at least ten types of welded connections. Each connection type is
classified as suitable for certain ranges of member size, and of certain ranges of plastic rotation angle.
The types of connections listed below are pre-qualified for use. Figures are provided to show the
general configuration of each connection type.

e Welded Unreinforced Flange (WURF), similar to Figure 8.1a, but with design improvements;
Welded Cover Plated Flange (WCPF);
Welded Flange Plates (WFP), see Figure 8.1b;
Welded Vertical Ribbed Flange (WVRF);
Welded Column Tree with Bolted Beam (WCT/BB), see Figure 8. 1c;
Welded Single Haunch (WSH);

e Welded Double Haunch (WDH).
In addition to the welded connection types noted above, several field bolted types of connections are
included in the guidelines as pre-qualified for certain conditions of use. The types, which may be
selected, are listed below.

e Bolted End Plate (BEP), see Figure 8.1d;

e Welded Flange Plates with Bolted Beam (WFPBB), see Figure 8.1¢;

e Bolted Single Haunch (BSH), see Figure 8.1f;

e Bolted Double Haunch (BDH), see Figure 8.1f.

Some specific joints utilised in Japan are presented in Figure 8.2. Figure 8.3 shows some usual
joints utilised and tested in Europe [Mazzolani, 2000].
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8.4 Design and fabrication recommendations

prEN 1998-1 [prEN 1998-1, 2003] provides the following general rules for steel connections

in dissipative structures:

The adequacy of design should prevent localisation of plastic strains, high residual stresses
and fabrication defects. The adequacy of design should be supported by experimental
evidence.

Non dissipative connections of dissipative members made by means of full penetration butt
welds are deemed to satisfy the overstrength criterion.

For fillet weld or bolted non dissipative connections, the following requirements should be
met:

R,2135R, (8.2)

Only categories B and C of bolted joints in shear and category E of bolted joints in tension
should be used, with controlled tightening of the bolts. Shear joints with fitted bolts are also
allowed.

For bolted shear connection, the shear resistance of the bolts should be higher than 1,2 times
the bearing resistance.

The strength and ductility of members and their connections under cyclic loading should be
supported by experimental evidence, in order to comply with specific requirements defined
for each structural type and structural ductility classes. This applies to all types of connections
in dissipative zones. The requirements on ductility are expressed for various structural types
in Clauses 6.6 and 6.9. When expressed in term of available plastic rotation

4, =5/05L) (8.3)

The same standard prEN 1998-1 provides the following requirements for MRF (Moment Resistant
Frame) beam-to-column connections:

If the structure is designed to dissipate energy in the beams, the connections between the
beams and the columns should be designed for the required degree of overstrength, taking into
account the moment resistance M, z; and the shear force (Vg gatViea) evaluated in 6.6.2 of
standard prEN 1998-1.

Dissipative semi-rigid and/or partial strength connections are permitted provided that all of
the following conditions are satisfied: a) the connections have a rotation capacity consistent
with global deformations; b) members framing into the connections are demonstrated to be
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stable at the ultimate limit state (ULS); c) the effect of connections deformation on global
drift is taken into account.

e The connection design should be such that the plastic rotation capacity ¢@c; in the plastic
hinge, is not less than 35 mrad for structures of ductility class H and 25 mrad for structures
of ductility class M with ¢g>2. These values should be obtained under cyclic loading without
degradation of strength and stiffness greater than 20%; they should be supported by
experimental evidence. This requirement is valid independently of the intended location of the
dissipative zones.

e When partial strength connections are used, the column capacity design should be derived
from the plastic capacity of the connections.

The influence of local geometric details and material properties on the inelastic behaviour of fully
restrained steel connections has been investigated in different countries in the last years. Some of the
conclusions are presented bellow [El-Tawil et al, 2000], [Mao et al, 2001]:

Material properties — Yield-to-Ultimate Stress Ratio (YUSR)

Connections with YUSR (f,/f,) equal to 0,65 or 0,80 behaved in a similar manner for a plastic
rotation capacity up to 0,030 rad. Compared with these two specimens, connection with YUSR = 0,95
had a significantly reduced plastic hinge length at a plastic rotation capacity of 0,030 rad. The
plastified length of the beam with YUSR = 0,95 was about half the corresponding length in
YUSR = 0,80. The smaller plastified length increased the local strains, which in turn promoted earlier
local buckling. These elevated strains also increase susceptibility to low cycle fatigue failure.

Local details — Access Hole Size and Geometry

Increasing the size of the web cope would permit easier welding on the beam bottom flange,
and possibly promote better weld quality [Chi et al, 2000]. However, the analyses suggest that it is
important to use a small access hole to minimise the potential for ductile fracture at the root of the
hole. The analysis confirms that the access hole in which the web terminates perpendicular to the
flange is inferior to the semicircular detail from the ductile fracture point of view.

Local details — Continuity Plates

FEMA-267 recommendations require the use of continuity plates in all connections.
However, the analyses suggest that the provisions may be relaxed with regard to continuity plate
thickness for one-sided connections.

Q&A 8.1 Connections Subject to Dynamic Load
Is prEN 1993-1-8 applicable to connections subject to dynamic load, particularly wind load, in
addition to static loads?

prEN 1993-1-8 is partially applicable to connections subject to dynamic load. Concerning the
moment resistance M; z; and the initial rotational stiffness S;,; of the joint, the relations given by prEN
1993-1-8, can be utilised for dynamic loads.

Concerning the rotation capacity of steel joints, provisions given in prEN 1993-1-8 do not
cover the typology of steel joints. However, an experimental research programme, has observed that
the rotation capacity of joints subject to dynamic load is approximately 0,5 times the rotation capacity
determined under a static load.

The collapse mechanism could also be modified in dynamic behaviour, compared with the
collapse mechanism determined from prEN 1993-1-8 for static loading, according to the weakest
component of the joint, see [Grecea, 2001].
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Q&A 8.2 Influence of Unsymmetrical Loading
Is prEN 1993-1-8 applicable to connections subject to seismic load, particularly unsymmetrical
seismic load, in addition to static loads?

The conclusions of a research program developed in European countries [Mazzolani, 2000]
are that the values of the characteristics given by the prEN 1993-1-8 cannot be utilised in these
conditions of loading.

A comparison between the values given in prEN 1993-1-8 and the characteristics determined
on joints subject to cyclic symmetrical loading was given in the previous answer. A project comparing
joints subject to cyclic symmetrical loading and joints subject to cyclic unsymmetrical loading was
carried out with some interesting conclusions. Concerning the moment resistance, the values obtained
with the second group are smaller by 20-40%, depending of the joint configuration. The rotation
capacity of the second group was 150-200% times the rotation capacity of the first group, depending
on the joint configuration.

Q&A 8.3 Influence of Strain-Rate Loading
What is the influence of strain-rate loading on the behaviour of steel joints?

An experimental research programme [Mazzolani, 2000] concluded that the strain-rate
loading has an important influence on the behaviour of joints.

A strain rate in the range of 0,03-0,06 s (typical for steel members yielding under seismic
action) increases the yield strength and, to a lower extent, the ultimate strength of welded connections;
for structural steel this phenomenon is well known. Ductility is reduced by up to 27%. However, a
decrease of ductility due to high strain rates is not straightforward for cyclic loading, where the results
are rather scattered.

Q&A 8.4 Welding Technology
What is the influence of welding technology and detailing on the behaviour of steel joints?

Experimental tests performed under the COPERNICUS RECOS [Mazzolani, 2000] project
showed the importance of the quality of welding. Three types of welds were studied (double bevel,
fillet and single bevel), and the “ideal” behaviour (rupture in the base metal) was observed for the
double bevel welds. This fact is attributed to the lack of defects for this welding procedure, in
comparison to the other two procedures [Dubina, Stratan, 2002]. Fillet welded specimens were
characterised by an intermediary behaviour, the main cause of failures in welds being the undersized
welds. This fact demonstrates one of the disadvantages of this type of welding, which is the difficulty
to control and verify the weld size, particularly on a building site. Single bevel weld specimens had, in
general, an unsatisfactory behaviour, due to incomplete penetration at the root of the weld, which
initiated cracks in the weld region.

The behaviour of the three weld types have to be analysed in conjunction with the
technological and economical aspects of welding. Single bevel and double bevel welds require
supplementary mechanical operations (edge preparation), while double bevel and fillet welds require
overhead position in the case of site welding. The following recommendations are proposed for the
particular case of beam-to column joints in moment-resisting frames:

e Double bevel and fillet welds are recommended for shop welding of the subassemblies, with
the condition of strict verification of weld size in the case of fillet welds.
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e Single bevel welds are adequate for site welding, but re-welding of the root is compulsory in
order to eliminate defects at the root of the weld.
Cyclic loading increases the probability of weld fracture for partial joints (undersized fillet welds),
and for welds with defects (single bevel welds). It is to be stressed that weld defects such as
undersized fillet welds and incomplete penetration single bevel welds were observed both for beam-
to-column joints tests, as well as for welded connection tests. This fact shows the need for the strict
control of welding quality.

Specific tests performed in USA and Japan showed that US construction uses self-shielded
flux core metal arc welding (FCAW), while Japanese construction uses gas shielded metal arc
welding (GMAW) with carbon dioxide (CO,) shielding gas. The comparison suggests that GMAW is
more costly, but it may provide greater toughness.

In numerous inelastic cyclic connection tests with notch tough beam flange welds, fracture
initiating at the toe of the weld access holes was observed. An effort was made to study the influence
of access hole geometry and size on the potential of ductile fracture initiation near the holes. The
results indicate the importance of selecting a proper weld access hole configuration. The modified
weld access hole geometry shown as configuration b) in Figure 8.4 is recommended for seismic
restraint design in comparison with the standard configuration a) [Mao et al, 2001].
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a) standard b) modified
Figure 8.4 Configurations of weld access hole

The web attachment detail was found to have a significant effect on the fracture potential
of the beam flanges near the interface of the weld metal and base metal. Based on the analysis results,
a detail consisting of a complete penetration groove welded beam web in conjunction with
supplemental fillet welds on the shear tab is recommended for seismic design. Weld procedures using
a notch tough electrode for the beam web groove weld must be carefully followed to minimise weld
defects. In addition, a stronger panel zone is recommended. The bolted shear tab detail is
recommended for use only in ordinary moment resisting frames.

Different analyses provide evidence that with higher toughness materials and significant
detailing improvements, such as backing bar removal, slight overmatching of weld strengths, and
limited panel shear deformations, connections can achieve the target inelastic rotation of 0,030 rad
prior to weld root fractures.

Q&A 8.5 High Strength Bolts in Seismic Joints
Is it possible to use High Strength bolts as ordinary bolts in seismic joints?

High strength bolts (in US HSFG, High Strength Friction Grip bolts) can be used as ordinary
bolts in seismic joints. It is recommended that they are tightened at a level of 50% of their preloading
force. In this case the surfaces of the plates do not have to be prepared for working as a slip-resistant
connection, see Q&A 6.8.

82



Q&A 8.6 Column Web Panel
What is the influence of the column web panel in a joint subject to dynamic loads?

The behaviour of the column web panel is described prEN 1993-1-8, but only for static loads.
In the case of T joints or double T joints with unsymmetrical loads, the web column panel has a strong
influence on the behaviour of the joint. For specific dynamic and seismic unsymmetrical loads, it was
demonstrated, that the resistance of the joint is reduced by between 20 - 40% and the ductility is
increased by 150 - 200%, due to the web panel. Adding supplementary web plates on the column web
panel, as shown in Figure 8.5, can increase the resistance of the joint. The solutions have advantages
and disadvantages. The first solution, see Figure 8.5a, is the optimum for static loads (the effective
with formulas for b,y see in prEN 1993-1-8) and requires supplementary plates to be welded to the toe
of the root radius. This introduces additional stresses into the joint. In the second solution, see
Figure 8.5b, welding the supplementary plate to the flanges avoid the additional stresses in the
flange/web, see [Dubina et al, 2000]. This solution reduces the length of the flange and may cause
problem for minor axes beams.
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a) welded to the toe of the root radius b) welded on the flanges

Figure 8.5 Supplementary web plates

Concerning the subject of seismic behaviour of steel frames with deformable panel zones, an
interesting conclusion was made by [Schneider, Amidi, 1998] after a numerical study, saying that
current provisions governing the minimum strength design of panel zones might result in joints with
high shear distortions, which increases the potential for flange fracture of the girder framing into the
joint. These results suggest that the 1991 NEHRP provision requiring the panel zone strength to be
greater than 90% of the sum of the beam strengths at the joint appears to be a minimum.
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9 FIRE DESIGN

When subject to fire steel looses both its strength and stiffness. Steel structures also expand
when heated and contract on cooling. furthermore the effect of restrained to thermal movement can
introduce high strains in both the steel member and the associated connections.

Fire tests on steel structures have shown that the temperature within the connections is lower
compare to connecting steel members. This is due to the additional material around a connection
(column, end-plate, concrete slab etc.) which significantly reduces the temperatures within the
connections compared to those at the centre of supported beam.

PrEN 1993-1-2 [prEN 1993-1-2: 2003] gives two approaches for the design of steel
connections. In the first approach fire protection is applied to the member and its connections. The
level of protection is based on that applied to the connected members taking into account the different
level of utilisation that may exist in the connection compare to the connected members. A more
detailed approach is used in the second method which uses an application of the component approach
in prEN 1993-1-8 together with a method for calculation the behaviour of welds and bolts at elevated
temperature. By using this approach the connection moment, shear and axial capacity can be
evaluated at elevated temperature [Simoes da Silva et al, 2001], [Spyrou et al, 2002].

Traditionally steel beams have been designed as simply supported. However it has been shown
in recent large scale fire tests on the steel building at Cardington [Moore, 1997], in real fires [SCI
recommendation, 1991], and in experimental results on isolated connections [El-Rimawi et al, 1997],
that joints that were assumed to be pinned at ambient temperature can provide considerable levels of
both strength and stiffness at elevated temperature. This can have a beneficial effect on the survival
time of the structure.

Q&A 9.1 Bolts Resistance at High Temperature
How do you calculate the resistance of bolts at high temperature?

Experimental studies [Sakumoto et al, 1992], [Kirby, 1995] have shown that the strength and
stiffness of a bolt reduces with increasing temperature. In particular they show a marked loss of
strength between 300 and 700°C. The results of this work has been included in prEN 1993-1-2, where
ks 1s used to describe the strength reduction with elevated temperature. k4 is given in Figure 9.1.
Table 9.1.
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Figure 9.1 Reduction factor ky g for bolt resistance, k,, ¢ for weld resistance
and k, ¢ for yield strength, prEN 1993-1-2



Table 9.1 Strength reduction factors for bolts,

Temperature Reduction factor for bolts Temperature Reduction factor for bolts
0, in tension and in shear k; ¢ 0, in tension and in shear k; ¢

20 1,000 500 0,550

100 0,968 600 0,220

150 0,952 700 0,100

200 0,935 800 0,067

300 0,903 900 0,033

400 0,775 1000 0,000

The shear resistance of bolts in fire may be evaluated using the following expressions

7/”1
Fyra = Fora Ky > 9.1)
m, fi

where y), is the partial safety factor for the resistance and y,; is the partial safety factor for fire. The
bearing resistance of bolts in fire may be predicted using

Vm
Fypvi = Fypra kg 9.2)
m, fi
and the tension resistance of a single bolt in fire is given by
F;en,t,Rd = E,Rd kb,g Lo . 9.3)
Vs

Q&A 9.2 Weld Resistance at High Temperature

How do you calculate the resistance of a welded connection under fire conditions?

The question consists of two parts: calculating the temperature distribution in the joints (see
the answer into next question Q&A 9.3, [Franssen, 2002]) and calculating the weld resistance at high
temperature. The design strength of a full penetration butt weld, for temperatures up to 700°C, should
be taken as equal to the strength of the weaker part of the joint using the appropriate reduction factors
for structural steel. For temperatures higher than 700°C the reduction factors given in prEN 1993-1-2
for fillet welds can be applied to butt welds. Design strength per unit length of a fillet weld in a fire
may be calculated as

F

w,t,Rd

=F

w,Rd

k,,Ln (9.4)

m, fi

Q&A 9.3 Temperature Distribution with Time within a Joint
Can the simplified formulas of temperature distribution, indicated in prEN 1993-1-2, be used for all
joints?

The thermal conductivity of steel is high. Nevertheless, because of the concentration of
material within the joint area, a differential temperature distribution should be considered within the
joint. Various temperature distributions have been proposed or used in experimental tests by several
authors. According to prEN 1993-1-2, the temperature of a joint may be assessed using the local
massivity value (4/F) of the joint components. As a simplification, a uniform distributed temperature
may be assumed within the joint; this temperature may be calculated using the maximum value of the
ratios A/V of the adjacent steel members. For beam-to-column and beam-to-beam joints, where the
beams are supporting any type of concrete floor, the temperature may be obtained from the
temperature of the bottom flange at mid span.
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Table 9.2 Temperature distribution with time within joint

Reference

Temperature distribution

[Kruppa, 1976]

Six joints types

The principal aim was to establish the performance of high strength bolts. The
beams were not attached to the concrete slab. The results indicated that the bolt
failure does not occur before large deformation of the others members.

[Leston-Jones

Double-sided joint with flush end-plate

Beam: 254x102x22; column: 152x152x23; 3 bolts M16 - 8.8. Furnace to follow a
linear steel temperature path, reaching 900°C in 90 min. average temperature
profile for all tests:

Lower beam flange 1,000 6,; Upper beam flange 0,677 O,p;
etal, 1997] Beam centre web 0,985 O p; Top bolt 0,928 O, p;
Middle bolt 0,987 O, ; Bottom bolt 0,966 6,4,
Column flange 1,036 6,p; End plate 0,982 G
6,5 temperature of the lower beam flange.
[Al-Jabri Steel and composite beam-to-column connections
etal, 1998] Furnace to follow a lipear steel temperature path, reaching 900°C in 90 min. The
and hottest of the connection elements was the column web. Its temperature ranged
[Al-Jabri between 8%-26% higher than be':am flange temperature. The presence of the
et al, 1997] concrete slab above the connections caused a 20%-30% reduction in the beam top

flange temperatures.

[Lawson, 1990]

Eight beam-to-column connections
Typical of those used in modern framed buildings (steel and composite
connections). Average temperature profile for all tests:

Hlower beam flange — 650 °C and 750 °C
9”17173” bolts = 150 °C to 200 °C lower than elower beam flange
Orower bois = 100 °C to 150 °C lower than 6, pois:

[Liu, 1996]

Double-sided composite joint with extended end-plate connection
Numerical modelling, temperature profile:

For =45 min: Hlowerbolts = 650 OC,' ggndplme = 550 OC,' Hupperbolts = 520 °C
Ocotumnwev = 430 °C; Ounexposedvor = 350 °C.

[SCI recommend,

Joint with extended end-plate
Considering embedded top bolts, see Figure below.
A gi,can

800

600

1990]
400
200
0
0
[El-lean Assumpti0n53 Hupper beam flange — 0’ 7 Hlower beam flanges Hupper beam flange — 0: 7 Hbeam web
et al, 1997]
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Applying the expressions referred to in prEN 1993-1-2, see Figure 9.2, the temperature of the
joint components may be determined as follows:
The depth of the beam is less than 400 mm

6,=0886,[1-0,3(a/h), (9.5)

where 0, is temperature of the lower beam flange at mid span. The depth of the beam is greater than
400 mm

6,=03886, a is less than /2 (9.6)
0,=08806,[1+02(1-2a/h)]  ais grater than 4/2 (9.7)
\ Tﬁwrfetieicpmposite slab a < 400 mm a> 400 mm
| 0,70
0,88
0,88

\

Figure 9.2 Thermal gradient within the depth of connection

With the aim to quantify the temperature distribution within a joint, some tests have been
done in several joint typologies. Table 9.2 summarizes the results, showing that for deeper beams a
web temperature similar to bottom flange temperature is observed while for small beams a smaller
web temperature is observed. Additionally, the presence of the concrete slab above the joint cause a
reduction in the beam top flange temperatures. A detailed description can be found in the literature
[Kruppa, 1976], [Leston-Jones et al, 1997], [Al-Jabri et al, 1998], [Al-Jabri et al, 1997], [Lawson,
1990], [Liu, 1996], [SCI recommendation, 1990], [El-Rimawi et al, 1997]. The values proposed in
prEN 1993-1-2, are in agreement with these experimental results. However, these values are based on
the standard fire curve ISO834; if the fire follows other curves, such as hydrocarbon, external fire or a
natural fire scenario, it is necessary to analyse the particular case, using a numerical or experimental
study.

Q&A 9.4 Component Method under High Temperatures

At ambient temperature, besides presenting rules for the calculation of the resistance of bolts loaded
in shear, in bearing and in tension and the design resistance per unit length of a fillet weld, prEN
1993-1-8 presents design rules to determinate the behaviour of the complete joint. Can the method be
used at high temperature?

The component method, see [Zoetemeijer, 1974] and [prEN 1993-1-8: 2003], that consists of
the assembly of extensional springs and rigid links, may be adapted and applied to the evaluation of
the behaviour of steel joints under elevated temperatures. Depending on the objective of the analysis,
a simple evaluation of resistance or initial stiffness may be pursued or, alternatively, a full non-linear
analysis of the joint may be performed [Simdes da Silva et al, 2001], taking into account the non-
linear load deformation characteristics of all the joint components, thus being able to predict the
moment-rotation response, see Figure 9.3.

To evaluate the non-linear response of steel joints in fire, knowledge of the mechanical
properties of steel with increasing temperature is required. In the context of the component method,
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this is implemented at the component level. The elastic stiffness, K., is directly proportional to the
Young’s modulus of steel and the resistance of each component depends on the yield stress of steel.
Equations (9.8) to (9.10) illustrate the change in component force-deformation response with
increasing temperature for a given temperature variation 6 of component i.

——

N

Figure 9.3 Component method applied to a typical beam-to-column joint, a) joint, b) component

model
E o= ky,H F s (9.8)
Ko =kpo Kienee 9.9
K o= ko K pio0c (9.10)

Introducing Equations (9.8) to (9.10) for the corresponding (constant) values of K, K,; and F), in any
evaluation of moment-rotation response of steel joints at room temperature yields the required fire
response. Implementation of this procedure allows the fire resistance to be established in any of two
domains:

e Resistance - find reduced resistance at design temperature.

e Temperature - find critical temperature for loading and compare with design temperature.

AR
Room temperature
E‘,f,zot’c— 77777777777777777777777 p
l
F; ‘
Figo 7,:79?272 7§ 777777777777777777 H igllitﬁjl}lpgrature
|
Lo C ;
Fino e fior o
- | | |
| | | |
! | | |
bt S |
! o ! | | |
) o ! | | |
- | | |
| oo ! | | |
| oo ! | | |
j o : 1 Ly,0 1 :
0i,1,20°C! 8i200°¢ S O
! |
9i1,0 51,y,z()°c 5[-f2()oc

Figure 9.4 Isothermal force-deformation response of component
Resistance

With reference to Figure 9.4, for a given level of applied force F, the component deformation &y is
given
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, F
for F <F _, as o, (F )=06 6,6 = = = O o F,), 9.11
i,y,0 1,:9( 1) i,1,0 Kl_'e'o kE"o Kl.'e'm,c kE'o i,20 C( ]) ( )

F; .6 kVH
for F=F , as 80 =—""—=""0,, 0c (9.12)
- o Ki e.0 kEﬂ o
1 0. ;e =05, s
for F'Z > F:yyg as é‘,g(Fz) = 5i,2,9 = é‘i,y,a + p I;f,ZO C _Fz‘,},zo c (sz _F;’yﬂ)‘ (913)
£6 Li:r200c i,20°C

From equilibrium considerations, the bending moment for a given level of joint deformation is given
by

M,=F, z=k,, M,.. (9.14)

(r=12)

Similar expressions can be derived for stiffness and rotation of the joint, and the initial stiffness of a
joint loaded in bending, at temperature 8 is given by

2
_E,z

0 ]
25,

S]

=k XS, pec - (9.15)

The rotation at yield of the component i follows from

M
S,

i,y,0

koM, o Kk,
_ o Miye _ Ry B e (9.16)
kE,O Si.2’2()"C kE,'0 )

iy0 _

¢i',y,9 =

Equations (9.11) to (9.16) give the generic moment-rotation curve at a constant temperature 8 where
the yielding sequence of the various components is identified.

Temperature
For a joint under uniform temperature distribution, the critical temperature is defined as the maximum
temperature of the joint corresponding to failure of the joint,

M. =M

J.Sd

(9.17)

Jomax,0 *

According to prEN 1993-1-2 the evaluation of the critical temperature requires the calculation of the
degree of utilization of the joint at time ¢ = 0, 1, defined as the relation between the design effect of
the actions for the fire design situation and the design resistance of the steel member, for the fire
design situation, at time ¢. For the present case of steel joints, the degree of utilization is explicitly
given by:

M,
1, =#. (9.18)

Jj.max,20°C

Using Equation (9.18) allows the direct calculation of the critical temperature of the joint from
Equation (9.28) [prEN 1993-1-2: 2003]

3,833
) 0

6,=3919 ll’l|: —I}+482. (9.19)

89



10 HOLLOW SECTION CONNECTIONS

10.1 Introduction

Connecting technology plays an important role in the performance of hollow section
structures. A distinction has to be made between CHS and RHS connected members, because
the behaviour of joints, e.g. local behaviour of members is different. A particular case is represented
by beam-to-column joints in building frames with Concrete Filled Hollow Section (CFHS) columns.
Both welded and/or bolted connections can be used in such a case. For beam-to-column joints
of hollow section frames (e.g. RHS columns and beams or hollow section columns and I or H section
beams), blind bolting technology is available. This section summarises the main aspects concerning
the behaviour and design of hollow section connections loaded predominantly statically. This means
they can also be used for seismic resistant buildings, since seismic motions are not considered as
generating fatigue phenomena. European standard [prEN 1993-1-8: 2003], Chapter 7 gives detailed
application rules to determine the static resistances of uni-planar and multi-planar joints in lattice
structures composed of circular, square or rectangular hollow sections, and of uni-planar joints in
lattice structures composed of combinations of hollow sections with open sections.

%

K joint KT joint N joint

DK joint

X joint TT joint

|
L_.
[
.
Alﬁ.
3 b H
!

—— i

DV joint XX joint
Figure 10.1 Types of joints in hollow section lattice girders
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The static resistances of the joints are expressed in terms of maximum design axial and/or
moment resistances for the brace members. The application rules are valid both for hot finished
hollow sections to EN 10210 and for cold formed hollow sections to EN 10219, if the dimensions
of the structural hollow sections fulfil the necessary requirements. The nominal wall thickness of
hollow sections should be limited to a minimum of 2,5 mm and should not be greater than 25 mm
unless special measures have been taken to ensure that the through thickness properties of the material
is adequate. The types of joints covered by standard prEN 1993-1-8 are indicated in Figure 10.1. The
application rules given in paragraph 7.1.2 of prEN 1993-1-8 may be used only where all the given
conditions are satisfied.

10.2 Welded connections
Even if bolted connections to hollow sections are utilised to assemble prefabricated elements
or space structures, the most used method to assemble CHS members is welding, especially
for trusses. According to prEN 1993-1-8, the design joint resistances of connections between hollow
sections and of connections of hollow sections to open sections, should be based on the following
failure modes as applicable:
e Chord face failure (plastic failure of the chord face) or chord plastification (plastic failure
of the chord cross-section);
e Chord side wall failure (or chord web failure) by yielding, crushing or instability (crippling
or buckling of the chord side wall or chord web) under the compression brace member;
e Chord shear failure;
e Punching shear failure of a hollow section chord wall (crack initiation leading to rupture
of the brace members from the chord member);
e Brace failure with reduced effective width (cracking in the welds or in the brace members);
e Local buckling failure of a brace member or of a hollow section chord member at the joint
location.

10.3 Bolted connections

Connecting two hollow section members or a hollow section and an open profile or a plate
directly to each other by bolting can be difficult unless the joint is located close to the open end of a
hollow section member. Otherwise it is necessary to take measures, such as cutting a hand access
hole in the structural hollow section member to enable the bolt to be tightened from the inside or
using “through” or “blind” bolts. The reason for this special situation is evident, as the hollow section
allows free access only to the outside; any access to the inside is restricted.

Bolted connections remain nonetheless desirable in many cases in spite of the unique
condition of non-accessibility to the inside of a hollow section. However, in these cases, the hollow
sections can be joined indirectly using flange or capping plates, which makes it possible to effect such
bolted connections in a simple and economical manner. The main methods of assembly by bolting are
described bellow.

Bolted connections are mostly detachable. They are selected for the on site assembly in order
to avoid site welding, which may cause welding errors due to environmental difficulties. Site welding
is also more costly than site bolting. This paragraph is presented in accordance with “Design guide for
structural hollow sections in mechanical applications” of J. Wardenier et al, see [CIDECT, 1995] and
“Guide on the use of bolts: single sided blind bolting systems of N. F. Yeomans [Yeomans, 2002].
The main types of bolted connections for hollow section structures are: Bolted knee joints, Flange
connections, Splice joints, Joints with fork ends, Screwed tensioner, Through bolting, Bolted
connections with flattened ends, Hinged support, Column bases, Fish plate connections, Bolted
subassemblies, and Fixing bolts through hand access holes [CIDECT, 1995; Elremaily, Azizinamini,
2001b; Elremaily, Azizinamini, 2001a]. These connections are realised using intermediate connecting
steel devices, which are welded on the hollow section members, the bolted connections themselves
being designed as normal connections according to prEN 1993-1-8, Chapter 3 [prEN 1993-1-8: 2003].
For this reason, design of hollow section connections does not imply specific requirements.
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10.4 Design considerations

A structure made of hollow sections and loaded by predominantly static loading should be
designed in such a way that it has a ductile behaviour. This means that the critical members or joints
should provide sufficient rotation capacity. In this case, secondary bending moments due to imposed
deformations or due to the joint stiffness may be neglected in design. Where the critical member or
connection do not provide sufficient rotation capacity, as in case of thin walled sections, a second
order elastic analysis should be used.

Design of hollow section connections should be done in accordance with prEN 1993-1-8
[prEN 1993-1-8: 2003], Chapter 7: Hollow section joints and CIDECT Design guide for structural
hollow sections in mechanical applications, Chapter 5: Design considerations for connections
[CIDECT, 1995], [Kato, 1988]. Connection detailing for both welded and bolted connections is given
in CIDECT Design guide for structural hollow sections in mechanical applications, Chapter 6:
Connection detailing [CIDECT, 1995].

Q&A 10.1 Circular Hollow Section Joints
What analytical models are used for calculating the resistance of CHS joints?

The following three models are currently used:
e Tube model for chord face failure
e Model for punching shear failure
e Model for chord shear failure

Tube model for chord face failure

The joint is modelled by a tube of effective length B,, having a geometry and mechanical
characteristics identical with the CHS (Circular Hollow Section Joints) chord as presented in
Figure 10.2.

IR EATAA AL

.|
>

Figure 10.2 Tube model for a X joint of CHS

Neglecting axial and shear forces, and taking into account the effective length B,, which is determined
by tests, the effort corresponding to the plastification of the tube should be:

2
N =G b (10.1)
YI-C, B 7" sing,
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where C,, C; are constants, 0, is the angle between the diagonal and the chord and S = d,/d) is the
ratio of diameters of the tubes [CIDECT, 1991]. This model gives good results for T, Y and X joints.
For more complex joints such as K and N, other parameters like distance between diagonals and axial
forces should be taken into account.

Model for punching shear failure
This model is presented in Figure 10.3 for a Y joint subject to tension. The effort in the
diagonal is obtained by the formula:

S d 1t 1+0,
V37 2sin 6,

N, = (10.2)

This criterion is generally true only for reduced values of f, where § = d»/d,, because if § increases,
the load will be transferred to the chord by circular stresses.
Design rules based on the model for punching shear failure are largely used in offshore design.

%

]

Figure 10.3 Model for punching shear failure of the chord in a CHS joint

Model for chord shear failure

As seen in Figure 10.4, for K and N joints with a gap between diagonals, the chord cross-
section may collapse in the gap section, because of the combination of axial force, shear force and
bending moment.

Figure 10.4 Model for chord shear failure in a CHS joint
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If the chord is a compact section, plastic design gives the following relations:

o

N, sin®, SZﬁ(do—to)to, (10.3)
N, ., <7(d, -t)t, f,, (10.4)
M, <(d-t)t f, (10.5)

Generally, the bending moments are quite small and only the interaction between the axial force and

the shear force has to be considered
2

2
N, o N, sin6,
' + S0, <10. (10.6)
(”(do_tv)to f}J 2w (d —t)t

\/} o o/%o

If the gap is small, the diagonals stiffen the chord, which considerably increases the shear resistance.

Q&A 10.2 Rectangular Hollow Section Joints
What analytical models are used for calculating the resistance of RHS joints?

Analytical models are used to describe the behaviour of connections and to study the effect of
the principal parameters. Taking into account all the parameters is difficult and too complicated. For
these reasons, different simplified models are used. In combination with test results made in
laboratories, these models have been used to establish the design equations.

. ¢N.. 8ing |
b .'/ ~ '-3' = o,

e

Y joint

Wi

Figure 10.5 Plastic lines model for joints of type T, Y or X (chord face failure)
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Plastic line model

The general principle of the model, illustrated in Figure 10.5, for an Y RHS joint, consists of
equalising the work of the force N; with a J displacement, with the internal work in the plastic hinges
(length /; and rotation angle ;. If 6, is the angle between the brace and the chord, the capacity of the
members [APK, 1996] obtained form the following expression

t
N1=fy" o[ _2h +4\1-5 ! .
I1-pB\ b, sin6, sin6,

(10.7)

Model for brace punching shear failure

This model is presented in Figure 10.6 for a Y joint subject to tension. The shear resistance
for T, Y and X joints is obtained by the formula

szf-"” t 2 +2b, '] . (10.8)
J3 sin 6, sin 6,

a) longitudinal section b) cross section

¢) plane section

Figure 10.6 Plastic lines model for joints of type T, Y or X (chord face failure)

Model of the brace effective width
The resistance is calculated as a function of the brace dimensions, which for T, Y and X joints

is
Ny=fot,-(2h —41,+2b,). (10.9)

Model of chord shear failure
The shear resistance of the chord may be calculated analytically using the plastic design of the

section:
Av fyo

pl \/}

where Av = (2 hyp+a by) ty and a is a function of g/z). The rest of the chord section is taking the axial
effort. Using the von Mises criterion of plasticity, the following interaction formula is obtained:

V

, (10.10)
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N, s <4, = 4)f,, + 4, 1, (10.11)

where Vg, is the design shear effort and ¥,z is the plastic resistance to the shear effort of a section
calculated with relation (10.10), divided by the safety partial factor y,.

Figure 10.7 Model for RHS chord shear in the gap of K or N joint

Model for the plastification or the local buckling of the lateral chord side walls

T, Y and X joints, with a high level of f, may reach failure by the plastification or the local
buckling of the lateral chord side walls. For RHS joints of the same width, the model presented in
Figure 10.8 gives

h 1
N, =2 t L_4+5¢ . 10.12
! Lo O(Sin 0, Oj sin 6, ( )

Z’St(!,ry

ty

B sy
SN o1

Figure 10.8 Model for the plastification or the local buckling of the lateral chord side walls

Q&A 10.3 Joints between Hollow and Open Section Members
What analytical models are used for connections between CHS or RHS members and I or H section
chords?

The design resistance is calculated using simplified models which have been verified
experimentally.
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Model of the brace effective width

For joints made by hollow sections welded on I or H sections, there is an unequal distribution
of the stresses and deformations at the end of a hollow member, due to the web and the different
rigidity between the ends and the central part of the flange, see Figure 10.9. If the load is increasing,
this phenomena is more important and may reach a premature failure of the joint, by the collapse
between the member in tension and the chord flange, or by local buckling at the edge of the member
in tension. To cover this risk of collapse, the term of transversal cracking is used commonly and the
majority of authors have introduced the effective width. This term is representative for the perimeter
of the hollow section, able to transmit the effort at the stage of the collapse, see Figure 10.10 [APK,
1996].

.

Figure 10.10 Notion of effective perimeter

The ultimate resistance of the member for T, Y, X, K and N (with gap) joints may be computed as
follow:

Nipa =21t by, (10.13)

where b4 being equal with the half length of the effective part of the perimeter of the hollow member.
The following formula may be used to compute b,

by =tw+2r+7&tf (10.14)

yi

Model of chord shear failure

The risk of failure by shear of the chord is the most probably failure mode for K and N
connections with gap Figure 10.11.
The shear resistance of the chord could be computed using the following formula, where 4, represents
the effective shear area:
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(10.15)

C 1
t r
x Voale—  x hg
Ay

Figure 10.11 Shear of the chord in a K joint with gap

Model of the local plastification of the chord web

The approach of calculating the local plastification of the chord web in tension and the local
crushing of the chord web is similar to that used to determine the local tension capacity of the web of
the I and H section. The method is shown in Figure 10.12 and the resistance N;g, is given by the
following expression

N _ f:vo tw bw .

iRd —

10.16
sin6, ( )

iy : ;

C Thw Thw !

e DY T D :_(ﬂ) i

= 4 . 1:2.5 ; 1:2.5 ‘
: Sl hic T
AR AV A

1 N

: ti + S(tgr)

T AL
AR

-

e

Figure 10.12 Local plastification of the chord web

Q&A 10.4 Design Charts
What is the background to the design charts?

The design charts shown in Figure 10.13 are based on the efficiency coefficient C, of the
brace [APK, 1996]. The efficiency coefficient is obtained by the following formula
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6, k
Niw _ ¢ Juls Ky (10.17)

A f, St sin,
Efficiency parameter C, (Cr for T and Y joints, Cy for X joints and Ck for K and N joints) means the
efficiency of a joint with k, = 1,0 and ¢; = 90, with identical thickness and steel grade in braces and
chord.

Ce 10F -
09 t---+---

0,8 B /)
0,7 +---
06 +---

-—-t+---

0,5 -1\
04 +---
03 +---

e — 4 —— —

02 +---1---

01 +---

i

0,0 -
00 01 02 03 04 05 06 07 08 09 10 B

Figure 10.13 Design chart for T and Y joints of CHS sections

In practise, it is important to evaluate quickly the joint resistance of RHS sections, which may be
made by design charts given for K, N, T, Y and X joints. These charts are based on the EN 1993-1-8
recommendations. The joint resistance is given by an efficiency coefficient C..

Generally, the efficiency is given by the following formula [APK, 1996]:

NIRd -C f.vu 2 kn

e (10.18)
A4, f, St sin6,

For instance, Figure 10.14 presents the efficiency of a K gap joint, of RHS. For joints with no gap,
the total efficiency is given in the chart from Figure 10.15. The reference [CIDECT, 1995] contains
design charts related to all the types of RHS joints with gap or overlapped.
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Figure 10.14 Chart of efficiency of braces for welded K and N RHS joints with gap
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Figure 10.15 Chart of efficiency of braces for welded K and N RHS joints with no gap

Q&A 10.5 Blind Bolting
What different types of blind bolts are available?

Flowdrill Drill System

The Flowdrill system is a method for the extrusion of holes using a four lobed tungsten-
carbide friction drill [Yeomans, 2002]. The process is shown schematically in Figure 10.16. A typical
beam end plate connection is described in Figure 10.17. The results of a series of tests on individual
flow-drilled holes and on connections made using the Flowdrill system have shown that they are
suitable for structural applications [Korol et al, 1993] and [Ballerini et al, 1996]. These tests have
shown that:

e holes can be produced in sections from 5,0 to /2,5 mm thick, [Barnett et al, 2001],

100



e threaded roll tapped holes with M16, M20 and M24 ISO course thread profiles can be made.
If the threads are made using a standard cutting tap the pull-out capacities will be lower than
those shown in Table 10.1,

e the full tension capacity of grade 8.8 bolts can be carried by flow-drilled and roll tapped
holes, provided that the material thickness is equal to or greater than the minimum thickness
shown in Table 10.1 and the material has a nominal yield strength in the range 275 to
355 MPa,

e the shear and bearing capacities of the hole and bolt can be calculated in the normal manner.

Figure 10.16 Schematic of the Flowdrill process
Beam end plate
asse ﬂ/ e

Member connected Standard 8.8 bolts
to e.g.RHS fully theaded

Figure 10.17 Beam/column connection

Table 10.1 Minimum material thickness for full grade 8.8 bolt tension capacity

Bolt size and grade Minimum material thickness, mm
| M16 grade 8.8 | 6.4 |
M20 grade 8.8 8.0
| M24 grade 8.8 | 9.6 |

Lindapter HolloBolt Insert

The HolloBolt is a three part pre-assembled unit consisting of a main body, a threaded
truncated cone and a standard grade 8.8 bolt and is shown in Figure 10.18a, a five-parts system is also
available [ Yeomans, 2002].

Beam end plate

installed HolloBolt —

Member connected
toe.g. RHS

Figure 10.18 a) Insert (as supplied), b) beam/column connection

Huck Ultra-Twist Bolt
The Ultra-Twist bolt is a pre-assembled unit [Yeomans, 2002]. An exploded view of the bolt
is shown in Figure 10.19a. The Ultra-Twist bolt is installed using an electric bolting wrench in holes

2 mm larger than the outside diameter of the bolts, which provides conventional clearances for fit-up,
Figure 10.19b.

101



Bearing Washar
Shear Washer —

Grip Sleeve —

Bulb Sleeve

Figure 10.19 Huck Ultra-Twist bolt, a) exploded view of the bolt, b) installation procedure

Stud Welding
Threaded studs welded to steel columns can also be used to produce connections. A typical

beam end plate connection, without counter sunk holes is shown in Figure 10.20 [Maquoi et al, 1984].
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Welded nuts

There are several other methods available for making bolted connections, which can be fixed
from one side only [Sadri, 1994]. Two of these are briefly described below. The first method is simply
drilling and tapping the steel section, but this generally needs a wall thickness of /6 mm or more to
generate enough pull out capacity. Another method [Kato, 1988], is to drill holes in the steel section
large enough for a nut of the required size to be inserted and then to weld the nut to the steel section
flush with the outside surface, see Figure 10.21.

/Welded threaded studs \ Beam end plate Standard bolts
L | s

[TTT]

Member connected Beam end plate

Member connected Standard nuts
to e.g. RHS to e.g. RHS
Figure 10.20 Welded threaded stud connection Figure 10.21 Nuts welded

into hollow section wall

Q&A 10.6 Hollow Section Joints using High Strength Steel
Can the rules given in prEN 1993-1-8 be applied to high strength steels?

The rules given in prEN 1993-1-8 may be applied to high strength steels. Clause 7.1.1 (4)
specifies that nominal yield strength of hot finished hollow sections and the nominal yield strength of
the basic material of cold formed hollow sections should not exceed 460 MPa. For grades S 420 and S
460 the static resistances given in this section should be reduced by a factor 0,9. According to
EN 10210 and EN 10219 the requirements for material is determined based on the end product, not on
the base material.

CIDECT Design Guide [CIDECT, 1995] stipulates that it is possible for structural hollow
sections in special steels to be produced, e.g. very high strength steels with yield strengths up to
640 MPa or higher, weathering steels and steels with improved or special chemical compositions, etc.;
often large quantities would require to be ordered [Oyj, Vainio, 2000].

Q&A 10.7 Offshore Construction
Can the recommendations in prEN 1993-1-8 be applied to the large sections used in offshore
construction?

The field of application of hollow sections in engineering is large and their specific
domains of application are listed in [CIDECT, 1995] including offshore structure. The design
rules of prEN 1993-1-8: 2003, Chapter 7 could be used in the case of offshore structures,
provided the general conditions are fulfilled. In the case of offshore structures these limits of
applications are mostly not fulfilled and special requirements must be used. In addition
fatigue design conditions need to be considered.
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e threaded roll tapped holes with M16, M20 and M24 ISO course thread profiles can be made.
If the threads are made using a standard cutting tap the pull-out capacities will be lower than
those shown in Table 10.1,

e the full tension capacity of grade 8.8 bolts can be carried by flow-drilled and roll tapped
holes, provided that the material thickness is equal to or greater than the minimum thickness
shown in Table 10.1 and the material has a nominal yield strength in the range 275 to
355 MPa,

e the shear and bearing capacities of the hole and bolt can be calculated in the normal manner.

Figure 10.16 Schematic of the Flowdrill process
Beam end plate
asse ﬂ/ e

Member connected Standard 8.8 bolts
to e.g.RHS fully theaded

Figure 10.17 Beam/column connection

Table 10.1 Minimum material thickness for full grade 8.8 bolt tension capacity

Bolt size and grade Minimum material thickness, mm
| M16 grade 8.8 | 6.4 |
M20 grade 8.8 8.0
| M24 grade 8.8 | 9.6 |

Lindapter HolloBolt Insert

The HolloBolt is a three part pre-assembled unit consisting of a main body, a threaded
truncated cone and a standard grade 8.8 bolt and is shown in Figure 10.18a, a five-parts system is also
available [ Yeomans, 2002].

Beam end plate

installed HolloBolt —

Member connected
toe.g. RHS

Figure 10.18 a) Insert (as supplied), b) beam/column connection

Huck Ultra-Twist Bolt
The Ultra-Twist bolt is a pre-assembled unit [Yeomans, 2002]. An exploded view of the bolt
is shown in Figure 10.19a. The Ultra-Twist bolt is installed using an electric bolting wrench in holes

2 mm larger than the outside diameter of the bolts, which provides conventional clearances for fit-up,
Figure 10.19b.
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Bearing Washar
Shear Washer —

Grip Sleeve —

Bulb Sleeve

Figure 10.19 Huck Ultra-Twist bolt, a) exploded view of the bolt, b) installation procedure

Stud Welding
Threaded studs welded to steel columns can also be used to produce connections. A typical

beam end plate connection, without counter sunk holes is shown in Figure 10.20 [Maquoi et al, 1984].
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11 COLD-FORMED CONNECTIONS

11.1 Connections

A variety of joining methods is available for thin-walled structures. In comparison with thicker
connections (¢ > 3 mm) the behaviour of connections in thin-walled elements is characterised by the
small plates stiffness [Davies, 1991]. Therefore, additional effects may appear in the ultimate limit
state and serviceability state and the level of safety may be more depend on the quality control. Such
effects are, for example, the tilting of the fastener in hole bearing failure or the big distortion of the
sheet when the fastener is loaded in tension and the sheet is pulled over the head of the fastener. This
is the reason why design procedures for connections in cold-formed elements have been developed
which are, in a number of cases, different from the procedures for thicker steel. Connections to thin
walled members are used for:

e connecting steel sheets to the supporting structure, e.g. to a purlin;

e interconnecting two or more sheets, e.g. longitudinal seams of sheets;

o assemble linear cold-formed sections, e.g. in storage racking.

11.2 Fastenings
For thin-walled constructions three types of fastenings can be identified [Toma et al, 1993]
and [Yu, 2000]:
e fastenings with mechanical fasteners;
e fastenings based on welding;
e fastenings based on adhesive bonding.

Table 11.1 Global survey of application field for mechanical fasteners

Thin Steel Thin
to to to Fastener Remark
thick wood thin

X X E@@] Bolts M5-M16

X gmm Sqlf—tapping screw ¢ 6,3 with washer > 16 mm, 1 mm
thick with elastomer

X X ﬁ:“\\‘\\‘\\‘\\‘\\‘\\\\\, Hexagon head screw ¢ 6,3 or 6,5 with washer > 16
d mm, 1 mm thick with elastomer

Self-drilling screws with diameters:

¢ 4,22 or 4,8 mm
X X @@m@ ¢ 5,5 mm

¢ 6,3 mm
) Thread-cutting screw ¢ 8 mm with washer > 16 mm,
X QM 1 mm thick with or without elastomer
Blind rivets with diameters:
(:°:> (I) 4,0 mm
¢ 4,8 mm
¢ 6,4 mm
X ** Shot pins
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Mechanical fasteners

Table 1 shows a global field of application of the different mechanical fasteners according to
Toma [Toma et al, 1993]. In the following part some short information is given concerning the
different mechanical fasteners. Bolts with nuts are threaded fasteners, which are assembled in
preformed holes through the material elements to be joined [Hancock, 1998]. Thin members will
necessitate the use of bolts threaded close to the head [Wong, Chung, 2002]. For thin-walled sections
the bolt diameter is usually M5-M16. The preferred property classes are 8.8 or 10.9. Results of tests
indicate that the following four basic types of failure usually occur [Fan, 1995] in the cold-formed
steel bolted connections:

¢ longitudinal shearing of the sheet along two parallel lines, see Figure 11.1a;
e bearing or piling up of material in front of the bolt, see Figure 11.1b;

e tearing of the sheet in the net section, see Figure 11.1c;

o shearing of the bolt, see Figure 11.1d.

In many cases, a joint is subject to a combination of different types of failure. The tearing of
the sheet is often caused by the excessive bolt rotation and dishing of the sheet material. Screws can
provide a rapid and effective means to fasten sheet metal siding and roofing to framing members and
to make joints in siding and roofing, as shown in Figure 11.2. They can also be used in steel framing
systems and roof trusses and to fasten drywall panels to metal channels and runners. Two main types
of screws can be distinguished:

e self tapping screws, i.e. thread-forming screws and thread-cutting screws,

o self-drilling screws.
Most of the screws will be combined with washers to improve the load-bearing capacity of the
fastening and/or to make the fastening self-sealing. Some types have plastic heads or plastic caps are
available for additional corrosion resistance and colour matching.

AL A e

a) Ribbed siding

a) Longitudinal shear failure of sheat

R

Al ] b) Flat siding
b) Bearing failure of sheet

LV DMy

R —J ¢) V - beam roofing
¢) Tensile failure of sheet,

e —~ %1 — /\W

d) Shear failure of bolt d) Corrugated roofing

Figure 11.1 Failures of bolted connections Figure 11.2 Application of self-tapping screws

Figure 11.3 shows the thread types for thread-forming screws. Type A is used for fastening
thin-to-thin sheets. Type B is used for fixings to steel base of a thickness greater than 2 mm. Type C
is usually used for fixings to thin steel bases of a thickness up to 4 mm. Thread-forming screws
normally are fabricated from carbon steel (plated with zinc and lubricant).
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Figure 11.4 shows some examples of thread and point of thread-cutting screws. Thread-
cutting screws are used for fastening to thicker metal bases. Self-drilling screws drill their own hole
and form their mating thread in one operation. Figure 11.5 shows two examples of self-drilling
SCrews.

Type A Type B Type C
Figure 11.3 Figure 11.4
Thread types for thread-forming screws Thread and point of thread-cutting screws

|
thread
screw

drill length

Figure 11.5 Examples of self-drilling screws

Blind rivets and tubular rivets are often used in cold-formed steel construction [Kaitila et al,
2001]. They are used to simplify assembly, improve appearance, and reduce the cost of connection.
A blind rivet is a mechanical fastener capable of joining work pieces together where access to the
assembly is limited to one side only. Based on the method of setting, blind rivets can be classified
into
e pull-stem rivets, see Figure 11.6;
e explosive rivets (with a chemical charge in the body, which is expanded by applying heat to
the rivet head),
e drive-pin rivets (two-piece rivets, which consist of a rivet body and a separate pin installed
from the head side of the rivet).

Tubular rivets are often used to fasten sheet metal. The strength in shear or compression is
comparable to that of solid rivets. Nominal body diameters range from 0,8 to 7,9 mm. The

corresponding minimum lengths range from 0,8 to 6,4 mm.

Cut at rivet head and grind

Self plugging
a) pull-stem rivets

Open end Closed end

e ¢) drive-pin rivets
b) explosive rivets

Figure 11.6 Blind rivets

Shot pins, examples are shown in Figure 11.7, are fasteners driven through the connecting
plate into the base metal by powder shot or by air.
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Powder actuated fasteners Air driven fasteners
Figure 11.7 Shot pins

2zXl vy

unch /; steel sheets to be
p /; connected
el

die shearing of metal lateral deformation of finished press join
steel as die spreads
1. 2. 3. 4,

Figure 11.8 Sequence of forming press-joint

Press joining is a relatively new technique for joining cold-formed steel sections. The joint is

formed using the parent metal of the sections to be connected [Kolari K., 1999]. The tools used to
form a press-joint consist of a male and female punch and die. Figure 11.8 shows the sequence of
forming a press-joint.
Rosette-joining, see Figure 11.9, is also a new automated approach for fabricating cold-formed steel
components such as stud wall panels and roof trusses. It is formed in pairs between prefabricated
holes in one jointed part and collared holes in the other part. The joining process is shown in
Figure 11.9.

Figure 11.9 Rosette-joint and rosette-joining process [Makelainen et al, 1999]

Welding
Cold-formed sections joints can be made by the open arc process as well as by resistance welding.

The following welding procedures are used for thin-walled sections, see [Toma et al, 1993]:

e GMA — welding (gas metal arc welding),

e manual arc welding (welding with covered electrodes),
TIG welding (tungsten-inert gas welding),

e plasma welding.
The following types of arc welds are generally used in cold-formed steel constructions, see
Figure 11.10 [Yu, 2000]:
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groove welds,

arc spot welds (puddle welds),
arc seam welds,

fillet welds,

flare groove welds.

Resistance welding is done without open arc. In contrary to the open arc welding process there is
no need of protection of the molten metal by shielding gas slag. Figure 11.11 demonstrates the

resistance welding procedures.
2  J
. - . . .

— v v —

a) groove welds in butt Jjoints b) arc spot welds

T T

¢) arc seam welds d) fillet welds.
‘ f

— = ]
Tendview FA

T ——

AN\
AN\

{

e) flare bevel groove weld 1) flare V-groove
Figure 11.10 Arc welds

electrodes projection

electrodes or i electrodes or

. welds
! T or dies
welding tips i welding tips =
vV

o
z%@% bl

welding welding

a) spot welding b) seam welding ¢) projection welding
Figure 11.11 Resistance welding procedures

Adhesive bonding
For fastening by means of bonding it is important to realise that a bonded connection possesses a good
shear resistance and mostly a bad peeling resistance, see Figure 11.12. For that reason a combination
of bonding and mechanical fastening may be chosen. Adhesives used for thin walled steels are as
follows:

e cpoxy adhesive types — best hardening will appear under elevated temperature (order of

magnitude 80-120°C);
e acrylic adhesive types — more flexible than the epoxy types.
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Advantages of bonded connections are a uniform distribution of forces over the connection and
a good repeated load behaviour. Some disadvantages are that the surface should be flat and clear and
there is a hardening time.

@» Loaded by Shear

A
|

@ Loaded by peeling

Figure 11.12 Shear and peeling of connections by means of adhesive bonding

11.3 Design considerations

Design considerations for cold-formed members are specified in Chapter 8 of standard
prEN 1993-1-3 [prEN 1993-1-3, 2003]. Concerning the Mechanical fastenings, it has to underline that
bearing resistance, shearing resistance, tension resistance and net section resistance of connected
members are calculated in the same way as for thick sections, for any type of connector. There are
differences at the numerical coefficients from formulas, which are specified by the standard. Specific
failure modes are checked for the pull through and pull out resistance. Connections with mechanical
fasteners are treated in paragraph 8.4 of the norm like blind rivets (Table 8.1), self-tapping screws
(Table 8.2), cartridge fired pins (Table 8.3) and bolts (Table 8.4). Concerning the welded
connections, spot welds represent a fastening technology, which is specific for thin walled metal
structures and specific design provisions have been developed. They are specified in Eurocode 3-1-3.
Design resistances for spot welds connections are given in paragraph 8.5, Table 8.5, while for lap
welds in paragraph 8.6, with fillet welds in (8.6.2) and arc spot welds in (8.6.3), respectively.
Specifications for connections based on adhesive bonding are included in the standard for aluminium
structures ENV 1999-1. Special mechanical connections, press- and rosette-joints are in the same
situation and they have to be treated in the same way as the previous ones. When design by testing is
used, provisions of ENV 1993-1-3, Chapter 9 and Annex Z of ENV 1993-1-3 has to be used.

Q&A 11.1 Increased Yield Strength by Cold-Forming
Can the increase in yield strength due to cold working be utilized in the design of connections that are
welded after the member is formed?

In the design formula for the weld strength in prEN 1993-1-3, however, the strength
parameter for the material is the ultimate strength f, of the plate material, which is not influenced by
cold forming. It is noted that due to the heat input during welding, the increased yield strength near
the welds disappears, which means that at those cross sections no positive effect of the cold forming is
allowed to be taken into account.
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Q&A 11.2 Deformation Capacity of Shear Connections
Why is the limit F, gs > 1,2 F, s in the standard prEN 1993-1-3?

This question refers to prEN 1993-1-3, Table Design resistance for self-tapping screws. The
design criterion for shear deformation capacity of connection is expressed as:

Fyra Z12F, gy » (11.1)
where F, r, is the shear resistance, see Figure 11.1, or evaluated by testing and
A
F g =— . (11.2)

M2

is the net section resistance.

The multiplier 7,2 in formula (11.1) is to ascertain that the failure mode of the connection is
bearing or net section failure and not failure of the screw. Failure of the screw gives brittle behaviour
of the connection, because of the small deformation capacity of the screw in shear [LaBoube, Yu,
1999].

The factor 7,2 is taken into account the possible unfavourable mechanical properties of the
steel compared to the screw (the real strength of the steel may be much higher than the nominal value,
while the strength of the screw may be just the nominal value). The required conditions should be
fulfilled when deformation capacity of the connection is needed. When these conditions are not
fulfilled it should be proved that the required deformation capacity will be provided by other parts of
the structure.

Q&A 11.3 Screws in Sandwich Panels
How is the resistance of bolts in sandwich panels subject to shear and tension evaluated?

Self-tapping screws are used to connect sandwich panels [prEN 14509, 2002]. The
loading by temperature, wind and dead load is mostly cyclic. The screws of austenitic steels
with special shapes are used to prevent the fracture under serviceability loading, see 11.13a.
The flexibility of the structure (stress skin method) is taken into account to prevent the collapse
under loading by the differences of temperature [Davies, 1986] and [De Matteis, Landolfo, 1999]. The
distribution of forces into the internal and external plate of the sandwich panel may be taken into
account using the component method, see 11.13b [Mares et al, 2000]. Two failure modes of
bolted connection of sandwich panel were observed the bearing in the internal hole, see
Fig. 11.14a, and the fracture of the screw shank, see Fig. 11.14b. By the horizontal loading of
panels the membrane forces due to deflection of sandwich panel, see [ECCS 66, 2000], are
taken into account including the prying forces caused by additional fixing moments, see
Fig. 11.14c,.

Bolt in bendin
= wmwwmg
~._ Bolt in shear

Plate in bearing
Bolt in shear

Fy
~ -
. Plate in bearing
a) deflection curve of traditional screw and of b) component model of bolt in sandwich panel
screw with notches on shank [Mares et al, 2000]
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Figure 11.13 Bolted connection of sandwich panel

a) failure mode bearing of the b) failure mode fracture of the ¢) prying forces caused by
internal hole screw shank additional fixing moments

Figure 11.14 Bolted connection of sandwich panel

Q&A 11.4 Bearing of Thin Plates
What is the difference between the bearing resistance of thick and of thin (thin walled) plates?

The prediction models for the bearing resistance are based on the experimental evidence. The
formula for bolts in thick plates (for thickness larger or equal to 3 mm) is included in Table 3.4 of
prEN1993-1-8 and for bolts in thin plates in Table 8.1 of prEN 1993-1-3, where rivets, self taping
screws and pins are also included. The bearing resistance of thick plates takes into account the spacing
into the perpendicular direction, by using the factor 4,

ko, fdt
Ve

F,

b,Rd

(11.3)

where a, is the smallest of «y; f.,/f, or 1,0. In the direction of load transfer for end bolts
oz =e;/(3dy and for inner bolts o, =p,; /(3 dy) — 0,25. Factor k; is for edge bolts the smallest of
2,8 (e;/dy) - 1,7 or 2,5 and for inner bolts the smallest of 1,4 (p,/dy) - 1,7 or 2,5. e;, e, p;, p> are end
distance, edge distance and spacing for fasteners. dj is diameter of the hole, d is the bolt diameter and
t is the sum of thickness of connected plates in the checked direction. The bearing resistance of thin
plates uses the factor £, to take into account the thinners of the plate,

_25a,k f,dt
Vo2 ’

F,

b,Rd

(11.4)

where «, is smallest of a,=-¢;/(3d) and o= 1,0; while k, for 0,75 mm <t <1,25 mm is
k=(0,8¢t+ 1,5)/25 and for t >1,25 mm is k, = 1,0. The resistance for the thickness beyond this
range of validity is determined from the tests.
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12 ALUMINIUM CONNECTIONS

In the past decades, a large number of studies have been carried out to enlarge our knowledge
on the behaviour of aluminium structures. One of the main research areas was on connections
between aluminium structural members (bolted, welded and adhesive bonded connections) [Bulson,
1992]. All the results of these research efforts have been incorporated into Eurocode 9 [ENV 1999-1-
1, 1999], which includes specifications and rules for the design of aluminium structures. In the design
of mechanical fasteners the limited ductility of basic material needs to be taken into account. For
friction grip bolted joints the transfer of forces is affected by the relaxation of the aluminium. Bolts of
austenitic steel are used to avoid the risks of corrosion.

As far as the welding of aluminium structural members is concerned, welded connections have
been widely established and developed and is an important joining method [Dwight, 1999]. The welds
do not limit ductility of the connection, this being a great advantage compared to bolted and riveted
connections [Mazzolani, 1995]. The design of welded connections is based on a method and
assumptions similar to the ones used for steel structures with necessary modifications. The
instructions for welding provided in Eurocode 9 [ENV 1999-1-1, 1999] can be used when the
following requirements are satisfied:

e The structures are loaded with predominantly static loads,

e The welding process MIG (Metal Inert Gas)can be used for all thickness, while TIG
(Tungsten Inert Gas) is being used only for material thickness up to # = 6 mm and for repair,
and

e The welding consumables should correspond to the aluminium alloy of the connecting
members. The choice of filler metal has a significant influence on the strength of the weld
metal, being usually lower strength than the strength of the basic material, see Table 12.1.

Table 12.1 Characteristic strength values of the weld metal f,, [MPa]

Alloy
Filler metal 3103 5052 5083 5454 6060 6061 6082 7020
5356 - 170 240 220 160 190 210 260
4043A 95 - - - 150 170 190 210

According to Chapter 6.6.1, a higher partial safety factor of y,, =1,65 (instead yy = 1,25)
should be used, if a lower quality level of welding has been specified by the designer for partial or
non-strength members. Special care must be taken where aluminium structural connections are
subjected to frequently fluctuating service loads leading to fracture due to fatigue. The basis for the
design of such aluminium connections with respect to the limit state of fatigue induced fracture is
presented in the ENV 1999-2.

Q&A 12.1 Resistance of Fillet Welds
In the calculation of a fillet weld, what stresses need to be checked so that the demands of Eurocode 9
are satisfied?

The approach that has to be followed is similar to the one presented in Chapter 3. The stresses
in a fillet weld, see Figure 12.1, can be decomposed into stress components in the most critical section
at the weld throat.

\ > ]
a ~a
Figure 12.1 Thickness of the fillet weld throat, effective thickness
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The stress components are the following, see Figure 12.12:
o, the normal stress perpendicular to the critical plane of the throat,
o, the normal stress parallel to the axis of the weld, it should be neglected for design
resistance of the fillet weld,
7, the shear stress (in the critical plane of the throat) perpendicular to the weld axis,
7, the shear stress (in the critical plane of the throat) parallel to the weld axis.

Figure 12.2 Stress components in a fillet weld

The resistance of the fillet weld is sufficient if both the following conditions are satisfied:

Jo 430, 17, ) <L (12.1)
Mw
and
o, < o (12.2)
7/Mw

Q&A 12.2 Effective Width and Throat Thickness of Fillet Welds
What are the geometrical restrictions, concerning effective width and the throat thickness, when using
fillet welding?

The effective width of the fillet weld should be at least eight times the throat thickness a. The
maximum length is limited by /00 a. When the length is larger, effective length of the weld L, .5 is
used instead, which can be calculated as

100 a

This reduction is used only in cases when stress in the welds of overlapping connection is not
uniformly distributed, but reaches higher values at its ends, see Figure 12.3a. Uniform stress
distribution can be achieved by proper shape of the connected parts, see Figure 12.3b.

4 - —>FSd 4 - s, FSd
Yy b Yy Y

a) non-uniform stress distribution b) modification for uniform stress distribution

L
Lw.cf[f = ([’2 - 0’2 - ] Lw . (123)

Figure 12.3 Stress distribution in welded overlapping joints with filled welds

Throat thicknesses of double sided fillet weld loaded perpendicularly to the weld axis, see
Figure 12.4, should satisfy the following condition
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a>07 L (12.4)

w

where

FSd
o="5 12.5
v (12.5)

and Fj, is applied force, t thickness of the connected element and L,, length of the weld.

Figure 12.4 Double fillet welded joint loaded perpendicularly to the weld axis

Throat thickness of the weld loaded parallel to the axis, see Figure 12.5, should be bigger than

a>085 e (12.6)
where
FSd
T=—, 12.7
tL, ( )
R L,
| 7
| Pl Fsu
\ \ |

Figure 12.5 Double fillet welded joint loaded parallel to the weld axis

Q&A 12.3 Butt welds in aluminium joints
What information does Eurocode 9 provide with respect to the characteristics of partially penetrated
butt welds between the aluminium elements?

When butt welds are used for connecting aluminium elements, full penetration butt welds
should be used. Partial penetration butt welds should be used only in cases, when verified by testing
that no serious weld defects are apparent. In other cases partial penetration butt welds shall be only
applied with a higher partial safety factor y,, because of the high susceptibility for weld defects.

The effective thickness of full penetration butt weld is taken as the thickness of the connected
elements. When elements with different thickness are welded, the smaller shall be taken into account
as weld thickness. For partial penetration butt welds an effective throat thickness should be applied,
see Figure 12.6. The effective length should be taken as the total length of the weld when run-on and
run-off plates are used. Otherwise the total length should be reduced by twice the thickness a.
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Figure 12.6 Effective throat thickness of partial penetration butt weld

The stresses in butt welds should satisfy the following criteria:
The normal stress, tension or compression, perpendicular to the weld axis

o < (12.8)
7/Mw
shear stress parallel to the weld axis
TS0,6L, (12.9)
yMw

and combination of normal and shear stresses

Joi+37’ sﬁ. (12.10)
yMw

Table 12.2 Values of HAZ softening factor py,.

Alloy Condition Phaz Phaz Note
series (MIG welding) (TIG welding)
Extrusions, sheets, plates, drawn tubes and forgings
Any 0 1,00 1,00
6xXxX T4 1,00 -
T5 0,65 0,60
T6 0,65 0,50
7xxx T6 0,80 0,60 applied when tensile stress acts
transversely to the axis of butt or
fillet
1,00 0,80 applied for all other conditions
Sheets, plates, and forgings
5XXX H22 0,86 0,86
H24 0,80 0,80
3xxx H14
HI16 0,60 0,60
HI18
1xxx H14 0,60 0,60

Q&A 12.4 Heat Affected Zones
How does the development of high temperatures in the vicinity adjacent to the welds affect the design
of aluminium welded connections?

Structural aluminium is weakened in the heat affected zones (HAZs) adjacent to welds. The
affected region extends immediately around the weld, beyond which the strength properties rapidly
recover their full values. Eurocode 9 Clause 6.6.2 deals specifically with heat-affected zones (HAZ),
which need to be taken into account for the following classes of alloys:

e Heat-treatable alloys in any heat-treated condition above T4 (6xxx and 7xxx series)
e Non-heat-treatable alloys in any work-hardened condition (3xxx and 5xxx series)

In alloys in O or T4-condition, or when material is in the F-condition and design strength is based on
O-condition properties, there is no weakening in the vicinity of welds [Dwight, 1999]. Here the
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severity and extent of HAZ are different for TIG and MIG welding. For TIG welding, a larger HAZ
area and more severe softening due to higher heat-input is considered [Mazzolani, 1985].

The two main aspects of HAZ softening are its severity and its extent. The characteristic
strengths f;, f;, f, in the HAZ are calculated in a way determined in the Eurocode 9 for the parent metal
and reducing them by softening factor p,,.. The other method is reducing the area over which the
stress acts, see Figure 12.7. Thus the design resistance of a simple rectangular section affected by
HAZ softening can be expressed as

4 4
F. - (f, L) _ Ao ’ (12.11a)
}/Mw 7/Mw
or
P )N (12.11b)
7Mw

The values of p,. are provided in Table 12.2.

b bhz

haz

Figure 12.7 Heat affected zones at fillet weld

These values are valid from the following time after welding, providing the material has been held at
a temperature not less than 10°C:

e 6xxx series alloys- 3 days,

e 7xxx series alloys- 30 days.

Table 12.3 Extent of HAZ for MIG and TIG welding

Thickness ¢ bia: (MIG welding) bia: (TIG welding)
0<t<6mm 20 mm 30 mm
6<t<I12mm 30 mm -
12<t<25mm 35 mm -
t>25mm 40 mm -

If the material is held at a temperature lower than 10°C after welding, the recovery time will
be prolonged. Advice should be sought from the manufacturer. The heat affected zone is assumed to
extend over a distance by, in any direction from the weld, see Figure 12.8 and Table 12.3. If the
distance from the weld to the edge of the element is smaller than three times b,,., then the HAZ
extends to the full width of the element. The measurement of b, is taken as follows:

o transversely from the centre line of an in-line fillet weld,

o transversely from the point of intersection of the welded surfaces at fillet welds,

o transversely from the point of intersection of the welded surfaces at butt welds used in corner,
tee or cruciform joints,

¢ in any radial direction from the end of the weld.
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The HAZ boundaries should generally be taken as straight lines normal to the metal surface,
particularly when welding thin materials. However, when surface welding is applied to thick material
it is permissible to assume a curved boundary of radius by,..

bhaz bhaz
i .
=\ 77\l e
b

haz

b

haz

Figure 12.8 Heat affected zones at fillet weld

Characteristic strength of the heat affected zones is reduced to
Sane =S P - (12.12)

For the fully penetrated butt weld the strength in the heated affected zone is limited to

Vo’ +31,.° <ot (12.13)
}/Mw

and for the partially penetrated butt weld, see Fig. 12.9, to

Vo-hazz + 3 z-hazz S t_‘f ‘f;.haz . (1214)

! }/ Mw

For a fillet weld the strength in the heated affected zone at the toe of the weld is limited to

Vahazz + 3 Tha22 < f;l.haz s (1215)
7Mw

respectively for fillet welds at the fusion boundary

Jo 437, 2 <& o (12.16)

! 7Mw

As a conclusion, it can be noted that the deformation capacity of a welded joint can be improved when
the design strength of the welds is greater than that of the material in the HAZ.
g ! 7

a) fully penetrated b) partially penetrated c) fillet weld
butt weld butt weld at the fusion boundary

Figure 12.9 Penetration of welds
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13 GOOD AND BAD DETAILING

Many different detailing solutions can be used to connect one steel member to another.
Furthermore, the differences in custom and practise between European countries, differences in labour
costs, production and erection methods and site conditions can lead to a bewildering number of
different solutions. All too often bad detailing is used leading to unsightly connections, connections
which clearly do not fulfil their design function and connections which may introduced unwanted
secondary effects into the structure. Poor detailing can also give rise to fabrication and/or erection
difficulties and increase the cost of the structure.

The main aspects, which need to be considered during the design and detailing of a connection
are summarised in Table 13.1. Figures 13.1 to 13.2 also give examples of good and bad detailing and
are based on real completed project within the European Community. Table 13.2 at the end of this
chapter assess each detail and summarise the good and bad aspects of each solution.

Table 13.1 Aspects to be considered during connection design

Calculation Transfer of forces by connection
Eccentricities in connection
Codes
Design [EN 1993-1-1]
Connection design [EN 1993-1-8]
Erection [EN 1090-1]
Appearance Architectural shape
Corrosiveness of environment
Drawing Possibility of standardization
Restriction on number of different elements
Restriction on number of bolt types/lengths/grade
Production Fabricator’s experience and practice
Restriction on handling
Cutting
Drilling
Notching
Welding
Repair of redundant deformations
Protection system
Paint
Galvanize
Transport (damage)
Replacement of parts
Erection Erection difficulties
Tolerances
Sections dimensions
Production and precision
Site fittings
Number of bolts
Type
Grade
Length
Length of threaded part
Washers
Method of tightening of bolts
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Figure 13.1 Beam to column joint, Figure 13.2 Beam to column joint,

moment connection to major axis of column, moment connection to major axis of column,
simple connection to minor axis, simple connection to minor axis,

unsuccessful solution successful case

because of instability during erection and with extended end plate to major axis and
expensive solution header plate to minor axis;

difficult to fabricate and erect; beams IPE 330; bolts 6xM20;

beams IPE 330; bolts 4xM20; moment connection resistance M; s = 139,9 kNm

moment connection: end plate resistance
M; ra = 98,4 kNm; weld resistance
M ra = 297,3 kNm

".

| Gaud

\ @

Figure 13.3 Simple beam to column joint Figure 13.4 Simple beam to column joint

of open hot rolled sections with diagonal bracing, of open hot rolled sections with diagonal bracing,
unsuccessful case successful case

because of difficult to fabricate and erect, with fin plates,

expensive solution; column HE180B; beam HE180B; bolts 3xM20

column HE180B; beam HE180B; bolts 4xM20
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Figure 13.5 Beam to column joint with

moment connection to major axis and

simple connection to minor axis, unsuccessful case
because of unclear transfer of forces,

an expensive solution,

secondary beams HE120A;

moment connection.: beam IPE270; bolts 6xM16

Figure 13.7 Beam to beam joint of
open sections,

simple connection in global analyses;
unsuccessful case

because of introduction of eccentricity,
difficult to erect;

beam HE 10004,

secondary beam IPE 240, bolts 6xM16

Figure 13.6 Beam to column joint with

moment connection to major axis,

simple connection to minor axis, successful case
with extended end plate to major axis and header
plate/ beam splices to minor axis,

secondary beams HE120A;

moment connection: beam IPE270; bolts 6xM16

00

Figure 13.8 Beam to beam joint of
open sections,

simple connection in global analyses;
successful case

with long fin plate;

beam HE 10004,

secondary beam IPE 240, bolts 4xM16
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STRIP15*150 L45 K120/120/6
L30 HI735-12-23*300 \g\ L9 HEA30O &
\ @

o Qf \ 4-222
H K STRIP15*280

STRIP15*150
[2* @22]

| STRIP15*300

STRIP12*140

"K11 K160/160/5.6

Figure 13.9 Simple beam to column joint, beams of open cross sections, column RHS tube;
unsuccessful case - danger of instability during erection and an expensive solution

Figure 13.10 Simple beam to column joint, successful case by web angles
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Figure 13.11 Base plate, in global analyses represented in direction of major axis of column as rigid
and in minor axis as simple; unsuccessful case because of very high complexity/price

[

' Booe

Figure 13.12 Base plate, successful case with simple base plate,
in global analyses the stiffness can be introduced
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Table 13.2 Assessment of good and bad detailing examples in Fig. 13.1 - 13.12

Example Fig. 13.1-2 Fig. 13.3-4 = Fig. 13.5-6 | Fig. 13.7-8 | Fig. 13.9-10 Fig. 13.11-12
Observed Column + Column+2 | Column+ | Main girder; Column+4 | Column foot with
parameter 2 continuous girders 2 girders + | + 1 sleeper girders  rotating possibility
top beams 1 sleeper
moment pin moment pin pin pin
connection connection | connection : connection : connection connection

Design B 00 000 0 0 000 00

G ++ - ++ ++ ey ++
Drawings B 00 000 00 0 00 000

G ++ ++ ++ ++ ++ ot
Plates B 8 7 9 3 8 20

G 3 3 3 - 1
Profiles B - 2 - - - 2

G - 0 - - 8 0
Measurement | B 00 000 00 + 00 00

G + 4+ ++ + +++ ++
Holes B 0 00 + 0 00

G ++ ++ + + 00 +++
Welding B 0 00 00 + + 000

G ++ ++ + + 12 ++
Bolts B 16 10 14 6 12 12

G 14 8 12 4 00 2
Architecture B 0 00 00 0 ++ 0

G + ++ + + 000 ++
Corrosion B 00 0 00 0 ++ 000

G ++ + ++ + ++
Transport B 0 0 0 ++ + 00

G + + + 0 + ++
Building B 0 ++ 00 ++ 00 000
Tolerances G + +0 + + T+ +—+
Erection B + 0 0 000

G + + ++ ++
Note:

Bad cases B Goodcases G
Number Quantity required Number Quantity required
000 very bad + better
00 bad ++ good
0 not good/doubtful +++ very good
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Program Non-linear Analysis by Component Method

The NASCon (Non-linear Analysis of Steel Connections) program was built using Borland
Delphi 6 (Object Pascal) development tool, main menu is shown on Figure 14.1. It offers a computer
user-friendly tool for the component method which allows modelling the nonlinear behaviour of
different components; see [Costa Borges, 2003]. The file NASCon/intro opens the program menu.
Project manual (file NASCon_manual.pdf) explains program features.

HonLines Rumescal Analpsis of Steel Connectons L WMy Documents WM estsdo\iese\D s ucksno\luciano_latul 9 [=] HonLines Rumescal Analpsis of Steel Connectons L WMy Documents WM estsdo\iese\D s ucksno\luciano_latul 9 [=]

Fie Tosh Osiens e Fie Tosh Osiens e
a8|(romw|od-|&®- ot @N(renw|ogd- 8- o5
i Fime: | [Tomganerts | AusioneTusceasty: i Fime: | [Tomganerts | AusioneTusceasty:
[l W& | MO Delamaion [l W& | MO Delamaion
Camparsrts
Wit . Bt vt L
NASCon P - i | (
Steel Connection Analyzer : : __‘,."""/
— T o P — 2
e Wl ! i
e i 4 I
e g: / ; [
£ w0 e LR T B e G e % oo :
ks ;/ : : 7
1% P B
wlf ! :
- : : - w :mm w N w -
IETR ] : [a] 7]+
| Carrmeehen M. | Cormechon (R D] Compurent F O} | =l | |Comnmcben Mi}  SH2  [BHSEH Comechon RO [0 GYELD Comporent FOP 120N RO o
a) menu of program b) component behaviour

Figure 14.1 Program nonlinear analysis of steel connections NASCon

Video - Statically Stressed Bolts in Dynamically Loaded Connections

The video film to Q&A 6.8 demonstrates the correct design of T-stub connections and bolted
splices to avoid a fatigue failure of bolts, see Figure 14.2. The file name is Bolts ISDN.mpg.

Figure 14.2 The flow of the stresses in the connection in video film Statically Stressed Bolts
in Dynamically Loaded Connections
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15 Text of PowerPoint Lesson

The Chapter 9 - Fire design is equipped by the PowerPoint lessons including video/audio
sequences, see Figure 15.1. The lessons in are available on a Project CD or can be downloaded at
Project Internet page www.fsv.cvut.cz/cestruco.

f%% Connections Design for Fire Safety :

Cardington Structural Integrity Fire Test

t= 30 min Beng = 390 °C

=0
R

By heating is connection colder
compare to connected beam

/

b)
Figure 15.1 a) Front page of PowerPoint lesson ”Connection Design for Fire Safety”,
b) a slide from the lesson “Heating and cooling of structure”

Recommended configuration

Recommended configuration for Internet/CD videos is PENTIUM 1,4 GHz, Microsoft
Windows 2000 / XP, sound card, 24xCD-ROM. Video player capable to play the sequences in the
MPEGI format. For a proper presentation of the PowerPoint lessons with video clips it is necessary to
install the following software: Microsoft PowerPoint 2002 (10.4205.4219) SP-2. The older versions do
not reproduce video sequences properly.

Text of lesson

Connection Design for Fire Safety - Cardington Structural Integrity Fire Test

[1] Fire safety of structures may be increased by structural design for the exceptional loading condition
created by fire. The level of safety which can be achieved has been shown by a fire test on a real
structure at Cardington, which was conducted in order to improve knowledge about structural
integrity in fire.

[2] This lesson introduces connection design for fire safety: distribution of temperature, thermal
properties, and component method. The preparation, execution and major results of the structural
integrity test in the Cardington laboratory are shown. At the end is the connection design summarised.

[3] The modelling of the structure involves three stages. The first stage is to model the fire scenario to
determine the heat energy released from the fire and the resulting atmospheric temperatures within
the building. The second stage is to model the heat transfer between the atmosphere and the structure.
The third stage is to determine the response of the structure. The definition of fire resistance is the
ability of a building or its elements to satisfy for a stated period of time agreed criteria of load bearing
capacity, integrity and insulation. The design of connections for fire safety involves calculation of the
heat transfer to them and a determination of the response of the structural elements of the
connections.

[4] The design for high temperatures takes into account both the degradation of material properties and
elongation of the heated elements, as well as the contraction of elements in cooling.

In the connections, because of the presence of concentrations of material, the temperature variation
lags behind the corresponding temperature variation for the connected steel members.

[5] The basis of connection design in fire is the temperature distribution in its elements.
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[6] The fire safety part of the European standard for the design of steel structures includes an Annex
which gives rules to evaluate the behaviour of welds and bolts at high temperatures.

[7] Inline with the cold design of steel joints, the component method is applicable to the design
of connections at high temperatures. The first step is to divide the connection into its components.

[8] The resistance of each component is reduced at high temperature and this is expressed by a strength
reduction factor. The deformation of the component is controlled by a reduction of its modulus
of elasticity.

[9] The connection behaviour may be described on the basis of its component behaviour and temperature
distribution.

[10] An example of change in the behaviour of an and-plate connection with temperature.

[11] The large-scale building test laboratory is housed in a former airship hangar at Cardington

[12] The laboratory has a uniquely large space of 48 m x 65 m x 250 in which to conduct experiments.

[13] Three multi-storey buildings were built at full scale. In front is situated the six-floor timber-framed
building. The figures on the right shows a fire test of timber stairs and the test of structural integrity
by impact of vehicle.

[14] In the centre of laboratory are located the seven-floor concrete framed building. The photos on the
right are showing fire load by timber ribs in the fire compartment and the column as well as concrete
slab after fire test.

[15] The composite steel and concrete building was finished in 1994.

[16] The structure is made of open sections and simple connections. The composite slab was cast onto
corrugated metal decking.

[17] Seven large fire tests have been performed on different levels of the composite frame.

[18] The major objective of tests No. 1 and No. 2 was to study element performance in a real structure.
Natural gas was used for heating in these tests.

[19] Tests No 3 to No 6 were designed to study composite slab behaviour in fire. Timber cribs were
burned to simulate the fire load in the office building.

[20] For a composite multi-storey building it is desirable to fire-protect the compression members and
to leave unprotected members in bending. The importance of protection of members in compression
was demonstrated in the second test, where a part of the column was not protected.

[21] Test No 7 was designed to study the structural integrity of the structure in the wake of the collapse
of the World Trade Centre towers on September 11 2001. The work is part of project CV 5535 of the
European Union Fifth Framework programme. The objectives of the test were to study temperatures
in elements and joints, the internal forces in the connections, and the behaviour of the composite slab.

[22] The fire compartment was built on the third floor. The walls were constructed of three layers of
gypsum plasterboard attached to thin-walled profiles. The window opening was designed to allow
good but controlled ventilation during the fire.

[23] The columns were fire insulated by 15 mm of Cafco300 vermiculite-cement spray. External joints
were protected together with 1 m of the attached primary beams.The compartment was instrumented
with 148 thermocouples, 57 regular-temperature strain gauges and 10 high-temperature strain gauges.

[25] 27 vertical and 10 horizontal deformations were measured.

[26] Ten video cameras and two thermal imaging cameras recorded the fire and smoke development,
the deformations and temperature development.

[27] Sand bags represent the mechanical loadings; 100% of permanent actions, 100% of variable
permanent actions and 56% of live actions.

[28] Cribs of 50 x 50 mm timber produced a fire load of 40 kg/m?.

[29] The fire test was performed on January 16, 2003, after four months of preparation under
the supervision of the Bedford Fire Department. The burning was smooth from ignition, developing
towards flashover and finally cooling. The smoke development was limited by the design of the
openings. The time is shown on the graph of the gas temperature development. We may see
the bending of the primary beam during the fire trough the window of the compartment.

[30] The slab reached 1220 mm maximum deflection during heating, which recovered to 925 mm of
residual deflection on cooling. The time is shown on the graph of the gas temperature development.
The deflection is shown from readings on secondary beam in the centre of the compartment.

[31] The cracks in the plate opened in 53 minute of the test.
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[32] The thermal imaging cameras give a visual representation of the temperature of the structure by
colours over areas of about 24 to 24 millimetres. The fin plate connection of the secondary beam to
the primary beam was observed. Local buckling of the lower flanges of beams is visible after 23 min
of heating. The animation of thermographs shows the delay in the heating and cooling of the
connections.

[33] The development of the temperature in the compartment was predicted accurately. The graph shows
the prediction of the gas temperature and the measured gas temperature. The highest temperature was
reached at the back of the compartment. The maximum predicted temperature was 1078 °C at 53
min., whereas the actual maximum was 1108°C at 55 min.

[34] The lower flange of the secondary beam achieved the highest temperature of any part of the structure.
Its predicted maximum temperature was 1067 °C at 54 min, compared with the actual maximum of
1088 °C at 57 min.

[35] The thermocouple measurements compare the temperatures in the components of the fin plate
connection to the temperature of the lower flange of the connected secondary beam.

[36] The beam to column header plate connection reached about 250°C less than the lower flange of the
connected secondary beam.

[37] After the fire only ashes remained from the timber ribs in the compartment.

[38] Due to compression the beam webs buckle locally at elevated temperatures. The local buckling is
located in zones of negative bending close to connections or colder parts of the beam.

[39] The bearing of the fin plate on the beam web allows ductile deformation of the fin plate connection.

[40] The header plate fractures in the heated affected zone of its weld on one side of the connection during
the cooling phase. The connection continues to transfer the shear forces through the remaining part.

[41] Connections are loaded in compression during heating and in tension during cooling. Reduction of
the stresses due to local buckling may be observed.

[42] The column flange exhibits some local buckling.

[43] Shear buckling takes place in the beam web.

[44] We may conclude based on the test

that collapse of structure was not reached for the fire load of 40 kg/mz, which well represents the fire
load in a typical office building, together with a mechanical load greater than standard approved
cases.

The structure showed good structural integrity.

The test results supported the concept of unprotected beams and protected columns as a viable system
for composite floors.

[45] Local buckling of the lower flanges of beams was observed after 23 min of heating. The fracture of
end plates occurred under cooling in the heated affected zones of welds without losing the shear
capacity of the connections. The well-designed fin plate connections behaved in ductile fashion due to
elongation of holes in bearing.

[46] The connections were exposed to different forces compared to those at room temperature because of
their exceptional loading by fire. The good design of connections leads to robust behaviour.
Connections in a structure are relatively cool compared to their connected elements due to their
concentration of mass . There is no need for special checking and no need for local thermal insulation
of normal connections. If there are beam splices within a beam span exposed to fire a component
method gives a good prediction of the behaviour.

[47]

[48] The experiment was carried out with the support of the EU Fifth Framework project No. CV 5535
“Tensile membrane action and robustness of structural steel joints under natural fire”.

[49] The authors would like to thank to all members of the European project team who worked
at the Cardington laboratory on the test.

[50] The Czech Technical University in Prague has produced this lesson as part of the project “Continuing
Education in Structural Connections” which was supported by the European Community under the
Leonardo da Vinci Programme.
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List of symbols

a throat thickness of fillet weld

a; effective length of the foundation, length of the base plate

a. height of the column cross-section

ay size of the anchor head

b width of angle leg, width of the base plate

by, b;, b,  width, effective width of the foundation

by width of beam flange

b. width of the column cross-section, of column flange

by effective width

Dhaz width of heat affected zone

b, width of end plate

c effective width of the flexible base plate

co required concrete cover for reinforcement

d nominal diameter of the bolt

dy diameter of the bolt hole

dy, d;, d> diameter

dy diameter of anchor head

e eccentricity, distance from bolt to edge of T-stub, from edge of the angle
e e, e, e, boltdistances

€0 eccentricity of the joint

e e bolt end distance, in force direction, perpendicular to force direction
ex distance from bolt to edge of end plate

fa characteristic strength for local capacity in tension and compression
Jahaz characteristic strength of heat affected zone

Jea design value of compressive cylinder strength of concrete 1., = f/ 7.
Jedg design value of compressive cylinder strength of grout

ek characteristic value of concrete compressive cylinder strength
f concrete bearing strength

1o characteristic strength for bending and yielding in tension and compression
fu ultimate strength

Sub ultimate strength of the bolt

I characteristic shear strength

Sohaz characteristic shear strength of heat affected zone

fowa design shear resistance of the fillet weld per unit length

o characteristic strength of the weld metal

f yield stress of steel

Jra average yield strength

fov yield stress of the bolt

Jre yield stress of column

g length of the gap

g leg length of fillet weld

h, ho, hy height, height of concrete foundation

h. height of column cross section

her length of anchor embedded in the concrete

k stiffness coefficient

k. total stiffness coefficient of the compression zone

ke total stiffness coefficient of one bolt row in tension

kg total stiffness coefficient the tension zone

k; stiffness of component i

k; stress concentration factor

ko reduction factor based on material temperature
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m, m,  distance from the bolt centre to the plate
m;, m, distances from bolt to web of T-stub
my s plastic bending moment resistance of the base plate per unit length

m, distance from bolt to beam flange
n distance from bolt centre to contact with the foundation
P bolt pitch

p1n, p>  bolt pitch; in force direction, perpendicular to force direction
r lever arm

7. fillet radius of column

7e theoretical resistance obtained from the design model
7 experimentally found resistance

t thickness

ty, t;, o, t,,  thickness

t, effective thickness of partial penetration butt weld
tr thickness of flange

ty thickness of beam flange

7 thickness of column flange

ty thickness of grout

t thickness of anchor head

t thickness of plate thickness, of end plate

te thickness of column flange

t thickness of the column web

toa thickness of the washer

twe thickness of column web

wy, wy  distance between bolts
X, Y,z axes

z lever arm
Ze lever arm of compression zone
Zeb lever arm of compression zone at bottom of the joint
Zes lever arm of compression zone at top of the joint
Zeg equivalent lever arm
Z lever arm of tension zone
A area, surface area of the member per unit length
Ay area
Ap total area of bolt, unthreaded part
A, area of the column
Aoy effective area; of the flexible base plate, of the cross-section
A, area of the gross section
Aj, bearing area of the bolt head
Aper net area
Ay net area of the bolt, in thread
A, shear area
B, effective length
Bira design resistance of bolt in tension

Cy, C;  constant values
C,, Cr, Cy, Cx efficiency parameter

Cra friction coefficient
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E

F
Fyra
Febra
Fepra
Fera
Feira
Fevera
Fy
Fewpfyfim
Fora
F,ca
Fyra
Fra
Fsa
Fira
Fisa
Fiepra
Fife.ra
Fiwbra
Fiwera
F t,i,Rd
Fomax
Fra
Fysa
Fra
HAZ
I

I

I,

S Jj.ini

Young’s modulus of steel
force
design bearing resistance

design resistance in compression in bottom zone of the joint
design resistance of beam flange in compression

design resistance in compression

design resistance in compression in top zone of the joint
design resistance of column web in compression

elastic limit

resistance for the structural members obtained from the tests to failure
pull-out resistance

design preloading force

pull-through resistance

design resistance

applied force

design tension resistance

tensile force

design resistance of end plate in bending

design resistance of column flange in bending

design resistance of beam web in tension

design resistance of column web in tension

resistance of the i-t4 bolt row in tension

maximum shear force obtained in a test

design shear resistance

shear force

resistance of the weld per unit length

Heat Affected Zone

second moment of inertia

second moment of inertia of beam

second moment of inertia of column

relative initial stiffness

Kic200c, Kipi2ooc elastic and plastic stiffness of the component, at ambient temperature

L L,
Ly
Ly
L, im
Lie

length, beam span

length of beam

free length of the anchor bolt

maximal bolt length, when anchor bolt my be exposed to prying
embedded length of the anchor bolt

length of anchor bolt above the concrete foundation

length of column

effective length of a T-stub

equivalent length of the anchor bolt

length of fillet weld
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Ly
M

vz
M; ra
M, uia
M, uisecp
M,y ra
M Sd
M,

N

effective length of fillet weld

bending moment

bending moment per unit length

moment resistance of joint

predicted ultimate bending moment of joint

experimental ultimate bending moment resistance of joint
plastic bending moment resistance of member

applied bending moment

bending moment carried by the weld

normal force

Ny, N;, N> axial force

Ny,
Nyira
Nsa
]Vu, Rd

0

=
B

b=3

§,

=

S e
*

VG, Ed
Vi ga
Voira
Vsa
pr, Rd
Wext
VVint

o

ap

g

B

ﬂ: ﬂg; ﬂJ

5
Brw
P
5
5.
Ob,c

axial force of the chord corresponding to the plastification
resistance of cross section

applied axial force

design ultimate resistance of the cross-section

prying force

resistance of the connection

plastic resistance of the connected dissipative member
stiffness of joint

joint secant stiffness

initial stiffness of joint

initial stiffness of the joint

volume of the member per unit length

shear force due to the non seismic actions

shear force due to the resisting moments at the end sections of the beam
plastic resistance to the shear force

design shear effort

design resistance of column web panel in shear

external energy

internal energy

reduction factor of bearing resistance
factor for bearing resistance
factor of end distance and pitch for bearing resistance
transformation parameter for shear loading
reduction factors

joint coefficient

reduction factor for long welds

correlation factor

deformation, beam deflection at midspan, component deformation
deformation of components in compression zone

deformation of components in compression zone at bottom of the joint
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Ore deformation of components in compression zone at top of the joint

Scd deformation capacity

o deformation of components in tension zone

A0 temperature interval

At time interval

£ strain

¢ joint rotation

By plastic rotation capacity

& available plastic rotation

y “partial safety factor

Vi “partial safety factor for the resistance

YMfi “partial safety factor for fire

VMo “partial safety factor for steel

I “partial safety factor of bolted connections

Vi “partial safety factor for weld

Vs “partial safety factor of slip resistance

VM, ser “partial safety factor of slip resistance at serviceability
iz “partial safety factor of net section at bolt holes

o temperature

o, temperature of the lower beam flange at mid span
6, 6, 6 angle between diagonal and the chord

o normal stress

oy normal stress parallel to the axis of the weld

ol normal stress perpendicular to the axis of the weld
T shear stress

7 shear stress (in the critical plane of the throat) parallel to the weld axis
T shear stress (in the critical plane of the weld) perpendicular to the weld axis
n stiffness modification coefficient

A Ao dimensions of the T-stub

2 relative slenderness

o, degree of utilization

U stiffness ratio

Phaz heat affected zone (HAZ) softening factor

W shape factor

" in prEN 1993-1-8: 2003 are the partial safety factors for prediction of the resistance simplified:

a0 partial safety factor of steel

i partial safety factor of stability

e partial safety factor of connectors (bolts, rivers, pins, welds, weld, plates in bearing)
n3 partial safety factor of hybrid connections, or under fatigue loading

e partial safety factor of an injection bolt

Vs partial safety factor of joints in hollow section lattice girder

VM6, ser partial safety factor of pins at serviceability limit state

Va7 partial safety factor of high strength bolts
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Indexes

20°C
a
b
¢

cr

fi
HAZ

max
min
pl
Rd

Sd

ten, t

ambient temperature
structural steel
bearing; bolt
calculation

critical

design value

elastic

Young’s modulus
failure, furnace

fire design

Heat Affected Zone
component

joint

member

maximum
minimum

plastic

design resistance

design loading

time, duration on fire exposure

tension
shear
weld
yield
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